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DESIGN STANDARDS FOR TIMBER STRUCTURES 


‘Robert E. A. M. ASCE 


_ Complete design : standards permitting the engineer to design ein 


structures with the same efficiency a as other materials have only become 
available during the past 15 years. This paper reviews the content and de- — 


velopment of these design standards as well as supplemental data and Pi: oi 


— pertaining to the | use as an material. 


CTION 


oi all types of structures for centuries before the development of structural __ 
steel, reinforced concrete, aluminum and plastics. . However, the fact a 


has been taken for has always been readily available, 


design aly On the other hand, the properties of the newer 
- materials of construction required the determination of mechanical properties - 
and development of engineering criteria from i their beginning. _ The net result 


7 engineering material through the development of complete design standards. 4s 
Only in the past half century has there been extensive research and testing — : 

- of the physical and mechanical properties ‘of wood and the development of de- al 
sign criteria and standards. The non-isotropic properties of wood have pre- 
sented more complications in the development of physical and mechanical iy i. 
properties than for other materials and has | prolonged the development | of atte 
densed design data under one cover for convenient use by the structural engi- 


neer. While this desirable consolidation has yet to be fully RPPRmIETIARAS, | te 


Note: Discussion open until July 1, 1959  2o extend the « closing date one month, a 
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59° 
goal is nea nearing » attainment 2 as only two denial are now required for the de o~ : 


i excellent handbooks are available containing supplemental | data for use aS a 
or for the practicing « engineer’s reference file. 
There have been three significant factors resulting in the rebirth of wood — 
A a major structural material. The first was the introduction of timber 
— devices in the early 1930’s permitting more efficient design of 
mechanically connected joints. The second was the development of adhesives, 
particularly the synthetic resins in the late 1930’ s, which triggered the rapid — 
growth of the plywood and glued laminated industries. The third was ‘World — 
War II, which accelerated the development of adhesives, design criteria and 
> other factors related to wood as an engineering material. jeaaiinenidl 
_ ‘The rapid growth of engineered wood in the past 15 years is a result of the : 
7 ‘combined effort of both government and private agencies and research labo- _ 
ratories, adhesive manufacturers, the wood preserving industry, the lumber 7 
= plywood associations and the timber fabricators. Committees of pro-- “——-_ 
fessional and trade societies such as ASCE, ASTM, AWPA and AREA have 
contributed t to past and ar are important to future progress. 


Timber Design Standards 


“National Design Specifications | for Stress-Grade Lumber ai and Its Fasten- 
ings” contains the pertinent _ design criteria necessary to design the majority 


3 engineered wood structures, with the exception of plywood. The first 


edition of NDS was approved by the Board of Directors of the National Lumbe er 


Manufacturers Association in December, 1 1944 as the industry recommended — 
- design standard for post war construction. This edition was substantially the 
_ game as War Production Board Directive 29 and contained the same recom- 
mended stresses as were | ‘mandatory under Directive 29. national 
emergency required the conservation of all materials and WPB Directive 29, % 
_ issued in August, 1943 was a mandatory directive requiring a 20% increase in 
wood stresses over values formerly used. The 20% increase was I not entirely 
arbitrary as a three year. ‘study by industry and government engineers of all = 
available data actually preceeded the issuance of the directive. de. 
A review of new data coupled with the excellent record of timber structures” 7 
F 4 during the war and in post war construction resulted in final adoption of NDS a 
=: in 1948 after another extensive review by industry and the Forest Products — 
&§ Laboratory. NDS is periodically revised to keep it it up- to-date with new re- 
search and technical data. 
_ _Thus, it has only been 15 3 years s that ‘the timber engineer has had a complete 
design standard containing data and criteria based on research and testing 
_ programs and evaluated by laboratory, industry and practicing engineers. a 
_ NDS includes nine chapters plus an appendix covering subjects related to — 
special application. _ Allowable Unit Stresses pare tabulated for each 


are separated into four chapters Bolts, Lag 
& and Nails, Spikes, Drift Bolt and Wood Screws. The necessary design criteria 
7 and unit stresses for Glued An | design are. covered oe not in as ie 
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TIMBER STRUCTURES 3 
AITC Timber Standards 
a _ The American Institute of Timber Construction was s founded in 1952 — 
national, non-profit service organization of the engineered timber con- 
struction industry. | ‘The purpose of A.LT. “il , is to perform similar activities = 
for this industry that the A.I.S.C. and A.C.L _ perform for the steel and 


concrete industry. The first edition of the A.1.T.C. Timber Contraction 7 
‘Standards was published in 1954 and revised in 1956. 


‘The A.LT.C. Standards cover a much broader | scope than does NDS and a ; 
cludes a Code of Standard Practice, Fabrication Standards, Erection Standards © 
as well as Design Specifications. The intent of the A.I.T.C. Standards is to “ 
= a cover subjects related to the ‘entire : field of engineered timber construction 
7 without duplicating other accepted standards. Therefore, the engineer will i 
find information of general use but will not find specific design data such ay 
unit stresses and design formula as the A.1.T.C. Standard refers to NDS and 
other Industry Standards for such data whenever applicable. 
7 _ The Standards Committee of A.I.T.C. has developed several additional ‘on 
chapters for inclusion in the A.I.T.C. Standards and are currently working on 
new subjects, all of which will eventually appear in the A.I.T.C. Timber Con 
7 7 ‘struction Manual. Present thinking is that the A.I.T.C. Manual will include # 
2 not only Design Standards but also general subjects pertaining to design, = 
_ fabrication and erection of Engineered Timber Structures. It will be desirable 
to have such standards as NDS and Glued Laminated Specifications in the final 
manual SO the architect and engineer ° will have all necessary data pertaining i 
timber design under one cover: for ready reference. 
New that have been since 1954 include: 


Standard Protection for Glued Laminated 


Trusses and Bracing ‘ve 
Ve 
Specifications for Glued Laminated 


Selection of 


Oth t nd d 
Other s stanc ard: are b being developed on following: 


Gluing of Treated, Treating of Glued and Sawn 


_ Typical Timber Construction Details 
Heavy Timber Construction 


The next year or two should ‘see the completion of these and other 
and by 1960 a fairly A. .I.T.C. Manual should be taking age. 


Plywood Design — 


The handbook “Technical Data on Plywood” is considered to be the accepted 


: design standard on plywood. This Handbook is prepared by the Douglas | 
Plywood Association and is incorporated as a reference document by many 

building codes. The first edition of the handbook was printed in 1942 and since a 
_ that time, new chapters have been added and data has been revised to keep “Ee 
_up-to- -date with research and development. 
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__ ‘The Forest Products Laboratory developed 4 and tested plywood stressed- 
skin. panels in 1934 and published the first working stresses for plywood in 
1941. In the past 15 years, the Douglas Fir Plywood Association has been ve : 
industry leader in research and the development of new applications of ply- 
wood as well as developing design criteria. The current edition of the ; Hand-— 
_ book contains chapters covering the General Design of Plywood, Deflection —— 
‘ome Lateral Bearing Strength of Nailed Plywood Joints, Form Factors of © 
land Box Beams with Plywood Webs, ‘Design of Flat Panels w with Stressed an 


m overs and the Design of Built t up Beams with Plywood Webs. capcnopigy’] 7 
In addition to these chapters in the Handbook, the DF PA has published a —_ 


wood Diaphragms. No doubt these two subjects will eventually be included in| 


-merciai Standards. Commercial Standards CS45 covering Douglas Fir Ply- 

“wood was first uitated in 1933 and the latest revision, CS45- 55 is included in 
the Handbook. Other Commercial Standards include CS-122 « covering other 
western softwoods, CS157 covering western pine and CS35 es eeenanel 


grade and certification of plywood are covered by U. S. Com- 
n 


There are several standards which < are either basic to design data con- 


“tained in NDS and Technical Data on Plywood, or are included all or in ea 7 
in n these design standards, or are considered standards not 


- the assignment of allowable unit working stresses for structural grades might 4 
_ be considered the basic framework of all timber design. ‘The grading rues 
for the various stress graded species are published by the eight regional a 
lumber manufacturers association representing the 22 softwood and and hardwood 
‘The p1 primary purpose of grading rules is to separate lumber into categories” 
of nearly equal quality and appearance. The engineer is most concerned with . 
the stress grades in which the main purpose is to select and classify lumber 
into groups on a strength basis so that unit working stresses can be assigned 


The first known grading rule is credited to Swan Averdson of Sweden in _ 


1764. In 1833 the State of Maine passed a law recognizing four official grades 
which were similar to the earlier Swedish rules. The development of regional 


ing most commercial st species by the early 1900's Ss. 
_ These early rules did not contain stress grades even though strength tests: 
on wood are recorded in the “Memoirs of the French Academy of Science” a. 
Ss as 1707 and by the English o over 100 years ago. The earliest known — ae 
tests recorded in this country were made by the Army Ordinance op a 
Watertown vn Arsenal in (1881. U. S. Dept. of Agriculture initiated strength 
tests on wood in 1902 and in 1907 the American Society of Testing Materials am 
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amie its first Standard Specification for Structural Timber. The Forest 
Products Laboratory reported on the average ultimate values for two en ll 7 
a: of ten species in 1912 and in 1923 an FPL circular described a method of _ 
P stress grading and included working stresses for four standard grades corre- 
lated to 38 species. The system was refined, elaborated and republished in 


1934 | as ‘U. s. of Agriculture Publication No. and is basically, 


‘Unit stresses for all stress graded species are included in NDS so itis io 
- not necessary that the designer have copies of grading rules to be able to de- 

‘sign with wood. However, familiarity with the provisions of the various grad- 

ing rules is desirable and will enable the designer to better apply his on ith eee 


Glued Laminated Specifications 


i= Four of the regional lumber manufacturers associations have published 


Glued Laminated Design and Fabrication Standards covering West Coast 
Douglas Fir, Southern Pine, Hardwoods and Western Larch. NDS contains | ~~ 
the necessary design data and unit stresses required by the engineer but does" 
include the Fabrication section of the Regional Specifications. 
the original design standard for glued laminated construction was Techni-_ > 
cal Bulletin No. 691 “The Glued Laminated Wooden Arch”, prepared in 1939 
by the Forest Products Laboratory. This Bulletin was revised to conformto 
_ new data and republished in 1954 as Technical Bulletin No. 1069 “Fabrication 
and Design of Glued Laminated Wood Structural Members”, 
‘The first industry glued laminated specification covered Douglas Fir and 
was published by the West Coast Lumbermen’s Association in 1946. This q 
standard was revised in early 1951 and was followed by the Southern Pine ry 
Standards in September - 1951, the Hardwood Standards in 1952 and by the ‘i 
‘Western Larch Specification in 1957. _ All of these standards ‘conform to the 
- technical requirements of Bulletin 1069 and have recommended ens: 
= on knot studies for each grade and combination of grades in accordanc 
with the method of analysis contained in Bulletin 1069. The industry Glued 
Laminated Specifications have been generally accepted by architects, engi- 
= building codes and agencies. 


“American Lumber Standards for Softwood published the U. S. 
Dept. . of Commerce is an important standard in that its development is re- 7 
_ sponsible for eliminating the chaos that existed in the industry because of ies i 
non-uniform size and classification of lumber. ‘The. early grading rules helped 
_ Standardize within regions but each region had different sizes, grame, classi- a 

fications, shipping and inspection practices. Only a few years ago, one species 
was known by twenty-nine different names, there were several methods of de- 
‘termining a board foot and the variation in thickness of one inch boards was 


a uring World War I, the War Industries Board made a hqnasalacanel effort 7 


and types of manufactured products. The 
-% through by organizing a program for simplification and standardization of me — 
lumber sizes and grades at an industry wide meeting of the American Lumber 
Congress in 1919. In cmt, oa citizen Herbert Hoover, who was then winded 7 
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‘president of the Federated American Engineering Societies, appointed a com- — 


7 mittee of industrial management engineers to survey wasteful practices in _ 7 
six industries. This committee report of wasteful practices resulted in the an 
io: of the Division of Simplified Practice of the U. . S. Dept. of | 
Commerce in 1921 when Mr. Hoover was Secretary of Commerce. In 1922 
‘the softwood lumber industry requested use of the facilities and procedures _ 
- made available by Mr. Hoover. After many meetings, “Simplified Practice _ 
Recommendation No. 16- Lumber” better known as the “American Lumber — a. 
Standards for Softwood Lumber” was published in 1924 and has been periodi- 7 
cally revised and refined by a standing committee composed of representa- _ 
tives of producers, distributors and users of softwood lumber. 
_ All softwood grading rules are written to conform to the classifications, i 
af sizes and other provisions of ALS and many codes and specifications require | 
conformance to these standards. Hardwood grading rules conform 7” similar 


American Society of Testing Materials ‘Standards 


There are several ASTM wood for testing 
small clear ‘Specimens, , testing structural timbers, cyclic delamination tests 
for glued laminated, shear block tests for | glued laminated and standards for 
piling. The standard of particular interest to the designer is ASTM D-245 
covering “Standard Mc Methods of Establishing Structural Grades of Lumber”. ie: 
‘This standard was first published as a tentative in 1926 and has been revised | 
in 1927, 1929, 1930, 1933, 1936 and 1949. 
om A.S.T.M.D-245 covers the basic principles for establishing structural ; 
grades and includes the necessary procedures for the assignment of the — 
ous unit stresses to any grade of lumber. Included are tables of basic —- 
ses, tables of strength ratios for strength reducing characteristics and modi- _ 
fication for seasoning and duration of load. 
ay All stress grades are based on this standard, the provisions of which are 
also included in the Wood Handbook and which are based on research by i 
‘Forest Products Laboratory. The basic principles of stress grading are to 
determine the strength of the clear wood for the various species, evaluate the 7 
factors that affect strength and apply these factors to structural grades on the _ 


of many factors such as effect of itn, siting, Mee of grain, variability, 
duration of load and condition ¢ of use. ‘The application of these standards pro- 


| 


ns 
= any structural material resulting in general acceptance of industry recom 


‘mended stresses by building codes and other specifying agencies. 


d 


_ The “Manual of Recommented Practice” published by the American Woo 
Preservers Association is the industry standard on pressure preservative 
treatments. This standard covers the chemical composition of the preserva- 
_ tives and fire retardant formulations, the treating process and recommended © 7 
retentions s for various classifications of use. _ The manual also includes ma 7 
D miscellaneous standards such as methods of analysis, method for determining 
penetration, methods of sampling and standard instructions for inspection and 


purchase of preservative treated products. 
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‘ The Service Bureau of the AWPA also publishes design manuals on spe- 
cific subjects including several on the design of timber- concrete composite _ 
decks and a recent treatise on “How to Design Pole Type Buildings”. These 


are special treatments of eg design problems al and serve as excellent aa 


The American Railway Association “Manual of 
Practices” includes Chapter 7 on “Wood Bridges and Trestles”. This railway 
design standard includes specifications for structural timber, glued laminated _ 
_ lumber and wood piles and specifications for the Design of Wood Bridges and a 
Trestles for Railway Loading. Also included is a Construction and Mainte-_ 
7 nance Section and a Section of Typical Plans of Wood actin nat ee _ 


_AASHO Specificati 


The American Association of State Highway Officials p “Standard 
Specifications for Highway Bridges” includes design criteria for Timber and 
Glued Laminated Use in Highway Bridges. . Provision for | connectors, timber- 
4 concrete composite decks, wood piles ; and ind preservation are also included in 


this Highway Bridge: Standard. 


mate bending strength and classes of poles are arranged so that all Zoases of 
_ the same class will have the same strength regardless of species. ia oe 


id > 
Technical 


_ There are eee excellent technical references on wood that the timber 
should have in his files to supplement the standards. 


Handbook 


Us. s. Depestenat: of Agriculture Handbook | No. 72, better known as the ree 
- Wood Handbook, is the basic reference on wood technology and is the . source 
of most data from which Timber Standards are developed. _ For the most part ‘ 
the contents represent research by the Forest Products Laboratory and in- 
cludes chapters on Structure of Wood, ‘Physical Properties, Strength a 
_ Grades and Sizes, Stress Grades, Connectors and Fastenings, Glues and Glu- 
ing, Plywood, Sandwich Construction, Moisture Control, Fire Resistance 
and Finishing, Preservation, Poles and Piling, Insulation, “Fiber- 
2 boards and Modified Woods and Paper-Base Laminates. _ The Wood Handbook | 


The > “Timber Design and Construction Handbook” ‘prepared by Timber Engi-| 
neering Company and published in 1956 is the most complete and up-to-date | 4 
4 


text type reference on Timber The three ‘manual 
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cellent illustrations and practical problems combined with text material — 
a drawn from experienced timber engineers make for easy understanding by 
4 the student or professional. Both NDS and the TECO Connector Manual are © 


“included as well as many tables of properties amend to design. 


the 1958 re revis 
Pe — of the Douglas Fir Use Book includes structural data and design tables 
for use by students, architects and engineers. Several | new chapters have a 
he added including Glued Laminated, Lateral Forces and Fire Protection 
half of the consists o of useful tables” for quick determination o of 


quired sizes. 
Wood Structural ‘Design I Data Data 


National Lumber Manufacturers Association n publishes | ‘shes “Wood Structural 
Design Data” which is quite similar to the Douglas Fir Use Book—the princi- 
pal difference being | that WSDD Span t tables are set up for bending stresses - 
- from 800f to 2300f and E values from 800,000 to 1,600,000 whereas the ~ =a 
4 Douglas Fir Use Book tables are based on Douglas F: Fir stress grades only. 
WSDD was revised and reprinted in — Yr, 


“wv 


Modern Timber Engineerin 
The handbook “Modern Timber Engineering is written by Scofield and 7 


4 O’Brien and published by the Southern Pine Association. This is a text . * 


. book with many problem examples and does not include tables like the Use ; 
Book and WSDD. The scope of the book was broadened with the 1954 revised ‘i 
edition and is used by some colleges as the text for courses in Timber Design, — 

ail j "This ha handbook w was as edited by H. J. . J. E Hansen i in cooperation with the ie. 
Weyerhaeuser Sales Company’s 's Technical Staff. Itisa ‘comprehensive book 
of some 900 pages 3 of which about two-thirds is tables and one-third text cae 
_ covering pertinent phases of timber design. This handbook was published in 
1948 and has not bee been 
The “Design for TECO ) Timber Connector Construction” is pre- 
pared by Timber Engineering Company and is used by many engineers for 
connector design as the presentation of connector values by means of curves 
is more convenient than the tabular presentation in NDS. ‘The ‘TECO Manual 7 
was first published in 1939 and the latest revision is 1954. 2a 
‘The Standards and References discussed herein, while not all inclusive, _ 
include those applicable to the majority of ‘design problems. For example, he 4 
Standard Specifications on crossarms and similar speciality items have been 
_ purposely omitted. As a minimum requirement, the designer should have a | 
7 copy of NDS and Technical Data on Plywood. Additional Standards and Refer- 


q ences will depend on the type | of design work but he will probably next add — 

= Grading Rules, Glued Laminated Specifications, A.I.T.C. Standards, Wood 

Handbook and one of the Handbook References such as Fir 
‘Book or TECO Handbook. 
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STATISTICAL. APPROACH TO WORKING STRESSES FOR LUMBER@ 


stress- lumber may be required for auxiliary such 

os falsework or scaffolding, that must be carefully designed and detailed. _ Where 
timber is the principal building material, stress-graded lumber is in large 
demand, because its specification insures that expectations for structural de- 


Stress grades of lumber fabricated into glued- |-laminated structural : 
members also serve the engineer in important ways. In many instances, = 
laminate rather than solid, one-piece members will best meet structural, 

_ architectural, or economic requirements. Special laminating grades of — at 
Pt lumber have been developed to provide the fabricator a | wide range of al 
7 rated stock that can be worked with high efficiency into various well-known 


elements such as beams, columns and arch ribs. Availability of lumber oT 7 4 | 

grades with this type of versatility greatly extends - —— of possible < appli- 
cations of timber for engineered structures. 

_ Whether as individual members or incorporated in inti composites, 
stress-graded lumber is important in the family of modern engineering ma- _ 


_A large number of lumber grades in many species have been called “non- | 


_ Note: Discussion open until July 1, 1959. To extend the closing date one siete _ 
written request must be filed with the Executive Secretary, ASCE. Paper 1939 ca 
is part of the copyrighted Journal of the Structural Division, Proceedings of the a 


Society of Civil Engineers, Vol. 85, No. ST 2, 3 1959. 
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In a sense, each ‘stick : of lumber irrespective of s size, , species, or a 
has a “stress rate”. _ That is to say, every piece has an ultimate strength in 
“bending, shear, , compression, or tension. If properly modified by the engi- : 
‘neer, these ultimate strengths could be reduced to working stresses. It would a 
_ be tedious and unrealistic, however, to establish some type of variable modi- 

- fication factor for every grade, species and new design problem encountered 
in timber engineering. A realistic approach, and the one now well- established 
in practice, is to develop a system of broad grading principles that can be ul 
plied in a generally uniform way by ‘the various regional lumber inspection _ — 
agencies, or others, to particular species and quality classes of structural 
lumber. Application of this general procedure has kept the heavy building _ 

industry — for ‘many years with accurately stress- rated timber 


As ne’ nonstress grades, there seemed little need in the past for develo 
“ing a system of f structural grading similar to > that established for stress- 
graded structural items. In recent times, however, demand has been ex- 
_ pressed for detailed a data, usually in the form of working stresses 
This in information has been in 
various us building codes, guides, Federal Housing Administration 
x Minimum Property Standards, and similar reference specifications. The need 


for more specific engineering data on nonstress grades: appears to follow the 


ontinuing trend toward a more rational, ‘technical approach. to specification | ay 


-anmduse of major materials, 
7 “a If traditional ¢ criteria for determining allowed working stresses for stress 


grades of lumber are applied to nonstress s grades, , rather low working stres- 7 
ses result. This result is due to the fact that nonstress grades, while provid- a 
ing lumber amply strong for its customary uses, may permit inclusion ofa 
rather | wide and variable range of strength- -reducing characteristics. This” 
circumstance will make a given grade somewhat more variable in strength 
than results where the strength-reducing characteristics are more strictly — 
limited, as they are in the stress grades. To alter nonstress grades would — 

add to expense of such lumber and likely would bring into use material having 
vastly more strength than actually needed in many applications. — It seems de- 
therefore, to explore possible new systems of determining working 

stresses for nonstress grades of lumber. This task should be approached by 
taking note of the strength characteristics of existing, popular commercial | 
_ grades and of the ways these grades are used in construction. eee. 
In light of the above philosophy, a study was made of two typical nonstress 

q - grades of Douglas fir dimension lumber. _ Primary objective of the study was 


8 determine bending, compression and tension strengths of Construction and 


Standard2 2- - by 4-inch unseasoned lumber. It was planned to express the i tly 


strength properties typical of each grade as distributions of strength among © 
individual pieces. it was planned also to express the strength properties as 
= When this study was started, Number 1 and 2 Studding, Blocking and {Small 
Posts, as described in paragraphs 208 and 209 of Standard Grading and Ft 
Dressing Rules No. 14, West Coast Lumbermen’s Association, were the ¥ 
study grades. Before work was completed, present West Co : 
Ag 
(15 were issued. Grades identical to study grades. nov’ a 
- Construction and Standard Light Framing, as described in paragraphs " 


-b and 122-c of Rules No. 16. The present grade names in 
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Secondary objectives were to appraise the influence upon strength of season-— 


Association, and work was se by personnel of the Forest Products 
Research Center. 3 The U. S. Forest Products Laboratory and West Coast a 


search Center developed data on strength of two- by four- inch Douglas — 
lumber as a basis for determining working stresses for | grades studied. It 
was hoped, also, that experience with a relatively new approach to establish- 
_ ing working stresses for nonstress-graded lumber would provide stimulus for — 
ea additional studies of this type and perhaps for evolution of a simplified _ 
Standard procedure to all and — 


on The ene used in the present study can best be appreciated by a brief 
review of technical progress leading to establishment of present stress- 
grading practices. Three main lines of progress are discernable in North — 
American lumber technology. ‘First, fairly complete inventories have been 
_ made of basic strength ; and elastic properties of important timber species. 
This task has been accomplished through systematic testing programs, _ 7 
4 "primarily at government laboratories. Second, experimental evidence 


limited to ample information is available. The relationship of duration of 
load to strength, for example, has been firmly established. However, a 
—- of more subtle, and perhaps more variable, influences require ail, 
7 - ditional study, but progress is being made on these problems. Third, crest 
tests of large structural members have been performed in reasonable nal 
abundance in the United States, in Canada, and elsewhere. general scope 
- of structural timber tests performed at government laboratories in North | 
a America is suggested by ; the incomplete list in Table ; More tests have 7 


_ performed than are enumerated in the partial summary, but records are not : 


| ‘Full- ~scale timber tests performed | in the past h have certain limitations in 


. terms of providing m more than general : information, because both timber quali 
T. ty and characteristics of commercially available grades have changed to some > 
Le extent over the years. ‘This change complicates interpretation of past test 
z ¥ results for application to present circumstances. Nonetheless, past large- 
scale timber tests, together with other information already described , served — 
as the basis for U. S. Department of Agriculture Miscellaneous Publication — hoo 
_ 185, published in 1934.(10) This document and various succeeding ones(11,1,7) _ 
= ‘Particular acknowledgement is due J. W. Johnson and A. D. Hofstrand who — 7 . 
‘conducted field work and performed laboratory tests for the Center. 
+ Personnel of the Associations’s Technical Service © Department ied 
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Joists, Posts, and Columns Made at North American 


Species 


Basis Basis 


eis 
pines, eastern and 
western hemlock, west-_ 
~ ern ia larch, tamarack, __ 


Joists, planks Bed Southern pines, 


pines. 


28 Red, Jack and white pines; 2 by < to 
white ‘spruce, balsam fir, by 9 


easte: rn hemlock. » Douglas and 
fir and western hemlock. 2 by 10. 


* Sources: U. of Agriculture, Forest Service Bulletins 
and 108, Technical Bulletin 167; U. S. Forest Products Mimeograph ms 
= RATE correspondence. . Canadian Forest Service | Circular 54 4, 
Canadian Woods ,and correspondence. 


contain criteria generally known as the’ “stress-grading principles”. Asa ap- 


ous producing areas, there are only minor differences in interpretation of the | 


= by regional lumber inspection agencies to grades developed in the vari- x 


principles. In general, the effect of Circular 185, and amplifications of its 
basic guides, has been to provide a sound basis for uniform and effective +2 ; 
- structural lumber grading. The essential procedures described in Publication 
: — _ 185 were brought together in A.S.T.M. Tentative Standard D245- 49T, published 
in 1949 and revised in 1957. (1) 

is the “basic stress, > which is a safe stress under full, Jong- -time loading a 

applicable to clear, straight-grained, full-size members. Basic stresses ap- 
to the mythical 100 per cent grade, the straight-grained, _defect-free 

of timber. other is the ratio” which by is: 


— 
States 

— | 

— 

(a 

Columns, 1,150 Similar to species for 4 by 7tq 
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STRESSES FOR | LUMBER 
‘Streng h 1 of full-size commercial timber 
st ratio = 4 100 
~~ ~ Strength ofclear, straight-grained wood from the timber — 


Strength ratios commonly are expressed in per cent, and usually both — 
mercial timber and clear wood from it are assumed to be unseasoned. a 
‘Strength ratios had an important function inthe present study. | 
a _ When the practice of laminating lumber into large structural items became 

common and economic practice, modified concepts were needed for studying 
strength of structural timber and deriving working stresses. At this al 
_ of technical development, mostly during and after World War II, the Ace gl 
_ developed of a statistical approach for answering questions about adequacy of 
a timber’ s strength. It was evident that two important aspects favored er 
working | stresses for laminated structural members than for one- piece, non- 
laminated timbers of comparable quality. First, lumber for laminating had _ 
to be reasonably dry for component parts to be glued satisfactorily. = = 
- Uniform and adequate dryness, which could not be justified for large, 
solid, sawed members, gives a favorable strength : increase, For example, 
increases of 25 per cent in bending strength were recognized in the case of | 
sey , laminated members. (5,7) ‘Second, the chance combination | of weak with 
_ strong pieces through glue- laminating results in a composite piece stronger 
; than if variable-strength individual members were used singly. The ad- _ 

* _ vantage in terms of increased average strength was recognized for random 
combination of thin individual pieces bonded into a large member. __ remax «9 
— After much research, the U. S. Forest Products Laboratory Seveloped 
general procedures for establishing working stresses for laminated lumber 
members. _ These procedures incorporated a statistical approach to derivation _ 
of working : stresses and are outlined in U. S. Department of enamel 
"Technical Bulletin No. 1069, published in 1954. 

Zz Associated with developments in design criteria for glued, laminated — 
lumber construction were re-evaluations of the factor of safety of one-piece 
4 structural members. ic Results of this work were published ir in 1957.) (15) ) ‘They 
_ were useful extensions of previous studies on the variation of strength pof 

4 wood used for structural purposes. (14) _ These studies took into consideration 

_ the various factors affecting strength of of timber in place. A statistical ap- 
proach was suggested for determining a distribution of the “factor of ade- 5 cis 

quacy” of individual wood members. Pieces were assumed to function under 
re a number of influences, each expressed as a frequency distribution. These — 
"statistical experiments | were stimulated by thinking among engineers about yy 
. probability principles used as an engineering tool. In the present study, the 
- fruits of recent analysis by statistical methods have been applied to the _ 


_ simple, but practical , problem of forecasting strength of dimension lumber. 


The theory nape: applied was that all three components of the strength- ratio. 
formula : are best expressed as frequency distributions and that proper ma- 
——«ipaitation of 2 of the 3 distributions should lead to an expression for the third. “a 
are ratio, strength of clear wood, and strength of 


aN 


x 


Pa 


clear-wood can be, or already have been, measured; a sufficiently 
of such measurements can be expressed as distributions. 


= 

es 

‘ ae 
& = 

] 

q 

ap~ 
‘ 
ation 
ne 
‘Oe 
haan | 


Strength of full - -size pieces of lumber |: also could be measured, directly and 
accurately. A statistical approach, however may avoid the costly step of F : 
machine testing many full-size specimens, although the advantages of doing © 
so are obvious. The ‘Strength c of full-size pieces therefore was taken as the ee 
unknown and was ‘computed through manipulation of the easily measurable > 
elements, strength ratio and clear-wood strength. The previously mentioned — 


, es of full - -size > piece = = Strength r: ratio x Clear-wood strength 


It is necessary to know or assume that measured components are inde- 
: _ pendent variables; it is further necessary to plan a large number of obser- — 
vations on elements selected { for expression as distributions. 
4 Strength ratios were estimated for individual pieces of a large randomly 
selected sample from each of the two study grades, Construction and . 
- Standard. _ These estimates then were expressed as frequency distributions oa 
_ of SR (strength ratio). Clear-wood strengths also were expressed as frequen- = | 
distributions. The sources of individual clear-wood strength values | 
depending upon abundance of available information. = 
_ Alarge number of random products of SR times clear-wood strength were 


_ Prepared, and the random products were expressed as frequency distributions. hs. 


If the concepts followed are valid, testing of a large random 
sample from the same grades should result in identical distributions of ia 
strength property for short-time load duration. 
A further step of theory was recognition of the concept that in aia 
a a construction with nonstress-graded items of lumber, such as pieces 2 by 4 
inches in size, chances are extremely remote that each piece will be yi = 
to carry a full-capacity load for a long time. Light frame construction is so . 
composed that groups of associated members jointly carry many of the loads. 
It seemed reasonable, therefore, to suppose that an average design stress of = 
_ some type might be justified where groups of members mutually share load- 
: carrying | functions. © The situation recognized is roughly analogous to the joint 
7 functioning of individual variable-strength laminae in glued laminated timbers 
_as they provide composite resistance to external forces, 
hi _ Data are Somewhat ‘meager that demonstrate how forces in light frame 


applied forces. 

' frequency distributions of ‘strength for groups of ‘members jointly « carrying 

_ impressed loads. Experimental basis existed to show that 3 members of a 
“sl conventional floor-joist system shared in carrying spot loading on one — 
a member, because of force distribution laterally through the floor ‘system. A 

group of 3 members, therefore, was assumed for computations in the present ‘ 
4 study. ‘Distributions of the average of 3 randomly selected strength — 


from the basic product distributions we were obtained by simple mathematical 
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re distributed among me ers. solution to this probviem 15 
more difficult by many uncertainties about direction and magnitude of 
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Experimental Cee followed 4 main steps, (a) estimation in the field | 
of strength ratios of randomly selected pieces of lumber in the 2 study __ 
: grades, (b) check tests of bending strength on a one-fifth ‘sample randomly — 
drawn from the large sample, (c) assembly of basic. data on both strength 
ratios and clear-wood strengths in a form suitable for computations, and (d) 
Three strength properties, bending, tension (both parallel 
‘with the grain) were analyzed to accomplish the main objective. Strength 
distributions were developed for single pieces and averages of 3 pieces. — 
Basic data for the principal computations then were modified slightly, or 
were supplemented as required for a preliminary study of the influence of _ 
"seasoning on bending strength, and for a brief analysis of grade i 
as related to distributions of strength. by 


er in each ae 2 length « classes, 8- a and 12-foot, in each study grade 

were selected randomly at each of 10 sawmills in the Douglas fir producing ~~ 

= of western Oregon, _ Washington and California. — Pieces were selected 

from unseasoned, previously grade- -marked stock. Each piece was assigned 

a strength ratio according to guides of ASTM Tentative Standard D245. ( 
Where the ASTM Standard was not explicit, supplemental guides developed = 

- cooperatively with the U. S. Forest Products Laboratory were used. The — 
sample inspected included 4 grade-length groups with 10 specimens in each = 

_ group at 10 sawmills, or 400 pieces. Actually, a few more than 400 pieces — _ 


were inspected, since additional randomly selected included for 
reasons. — 


for ‘machine testing in static bending ‘under third- -point loading (A. S.T.M. 
Standard D198-27). (3) Purpose of the tests was to establish the accuracy sa 
; field estimating, because true strength ratios of pieces tested could be de- 
_ termined in the laboratory. Modulus of rupture of structural-size pieces and 
_ of 2 or more standard, small clear specimens cut from the large pieces, __ 
a specific gravities, and moisture contents were obtained from the series of 
& check tests. True strength ratios for each piece of the one-fifth sample were | 7 
« computed from the usual strength-ratio formula, except that the moisture 


basis for the large pieces was air- (about 12 per cent moisture content) 
and for the ‘small clears, 


were required for the computation step. "Individual values for 
strengths were ol obtained from 3 sources: 


ear, unseasoned, minor test specimens 
_ broken during the check testing program were considered the oa 


for describing distribution of bending 
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rupture were it decided | values would best describe 
oa _ clear-wood bending strength of the population actually sampled in ‘the 


&) Individual values of maximum crushing strength — to grain for 


a cards. _ About 4500 values from standard compression on tests of Douglas 
= _ fir collected in Northwest United States were supplied to the Center. ue 
(c) Individual values for ultimate tensile strength parallel to grain for — 
ee. Douglas fir were gathered by Oregon State College, Division of Forest 
Research, working cooperatively with the Center. (8) study of 


= tensile strength was completed in time for results to be of value in the 
et present analysis. About 260 individual values for 1 unseasoned, and 270 
__-values for dry (12 per cent moisture content) tensile strength of _ ; 
Douglas fir were available. Only values from unseasoned pieces were 
used in the present study. Previous standard tests(6) of tensile Ra BY 
7 _ strength of Douglas fir were limited. The project referred to above, 
therefore, — out new and extended i sestaiiesmnaamatin on tensile strength. 


involved formation of random ts 
wood strength for each property studied. Total number of products ‘made de- | 
4 pended upon the amount of input data available and hence varied witheach —T/ 
property. - Total products formed med ranged fr from about 1,000 to 3,000 for each : 
Previous suggested conversion of SR and clear-wood strength 
data to normal frequency distributions . These normal distributions were __ 
manipulated during formation of random. products. * In the present study, input 
‘data were not converted to normal distributions, but were used in a “raw” _ 
A digital computer functioning from punched cards| carrying input infor- 
‘alien was programmed to make random products, punch the products into — 
more cards, and 1 tabulate t the products as cumulative distributions | of products 
into : appropriate stress- -range groups. -Tabulated outputs: of cumu-— 
lative distributions (card counts) were plotted on probability graph ‘paper for 
‘For the preliminary study of influence of seasoning on bending strength of 
‘a lumber, a third distribution of individual values was combined Sy ’ 
_ randomly with distributions of bending SR and clear-wood moduli of rupture 7 
_ by procedures similar | to those already : described. The new distribution u used q 
at this step defined the relative strength increase caused when clear green _ 
wood is seasoned. Individual strength values from which the relative — 
es were computed were obtained from tests of about 130 matched } pairs of : 
small bending-test sticks cut from residue study material. A specimen of = 
each pair was tested unseasoned, the other tested air- dry at about ‘12 per cent 


lation of three dist but s foll 


iy Estimated dry strength = SR (green basis) X Clear-wood ‘strength (green) > x 
of full- ~size Relative strength increase 
(each as as a distribution) — 


4 
a 
number of representative values was obtained from the U. S. Forest 
: | 
3 
ity) 
| 
4 
— 


ing the procedure outlined above. Such analyses were not made daring the 
present study partly because adequate data were not Serene available, , but 


; ‘There is logical objection to the procedure described above for estimating — 
strength of dry, full-size members from data applicable to full- -size, un- a — 
_ seasoned members. The suggested procedure fails to consider possibly im- 
_ portant offsets against gains in Strength: by clear wood as it seasons. Such 
offsets are thought to occur because, as certain full-size structural pieces : 
dry, their nataret strength-reducing characteristics may become relatively | 
more serious. Therefore, net gains in strength due to seasoning may or may | 
not be realized in performance of full-size pieces. This objection was recog- = 
nized fully when the analysis described above was planned. The experiment a 
was performed anyway to satisfy curiosity about the result incorporating 
3 an expression for increase due to. seasoning into the random product compu- 
- tations. Presently described results of this trial should be considered in 7 
‘light of this qualification, 
Similar to the “seasoning increase” analysis, study of the effect of arbi- 
>  trarily altering the grades of study material was made to serve a a limited, 
secondary objective. Results may not have practical significance at this _ 
-. because the effect of modifying grades purely for experimental purposes” 


_ is to set up an arbitrary nonexistent grade. The analysis involved removal | 
: from the SR component of all values below 38 per cent and re-computation of 


_ bending-strength distributions for the grades thus artificially established. a 

- Removal of certain s strength ratios had the effect, in a majority , of instances, 
of reducing the size of the largest knot permitted in the respective grades. a 

Under these conditions, strength distributions of the grades should change. 


‘The 1e experiment was performed to learn hc how much change ‘could be expected. 


of ‘estimated strength for Con- 
struction and Standard Douglas fir 2- by 4-inch dimension lumber, un- oe 
_ seasoned, are given : in Table 2 and d illustrated in in Fig. 1. . The two lumber- 7, 
length classes within each grade are given ‘separately in Table 2 but were — il 
combined in Fig. 1. Length classes were pooled for all computational oper- 
ations, when it was observed that there were only minor differences in means 7 
and standard d deviations between the 8- and 12-foot length groups: 9 
a Means and range of strength ratios in each grade are worthy of note 
: - (Table 2). The ranges of SR apparently are broad for the grades studied and 
among the major strength properties. departures of SR distri-_ 


butions from ‘normality are evident in Fig. 


and tension in Table 3. “Distributions 
~ are illustrated in Figs 2, 3 and 4. ‘Straight lines on these arithmetic probabili- 
™ charts define normal distribution of individual values about their mean. 
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Characteristics and Sources of Information for Strength 
Clear, ‘Unseasoned Coast and Geugies Fir as 


_ Oregon State Col., | 
Division 


‘The figures show that departure of actual values ene _—" distribution is 

in low or in the “tails” of the distri- 


and develop product distributions giving ‘theoretically close 
of strengths among full-size pieces. 

— comparison of clear-wood moduli of rupture used in the present study 
(Fig. 2) with the distribution for an outstandingly large number of rupture _ 
observations is afforded by Fig. 5 reproduced from U. S. Forest Service _ — 
Although the range in rupture strength detected during the 

"present study is smaller than that shown by government data, the distributions Ss 
are much alike over most of their coincident range. | al 90 oe 

Distributions of ultimate tensile strength for unseasoned Douglas fir are 

_ shown : in Fig. 4, Tensile strength is the most variable of the principal er a 
strength properties of wood, as evidenced by standard deviations of tensile e* 

_ strength from about 24 to 29 per cent of mean values, respectively, for un- 
seasoned and seasoned clear material. (8) Despite the variability, average 
tensile strength of clear wood is remarkably high, as limited previous tests | _ 

a have indicated. (6) Tensile working stresses for wood now are established at 
the same level as bending stresses. Comparison of Fig. 4 with Figs. 2 and 5 
shows that this attitude toward the tension property may be too moderate. —— 7 
Unfortunately, however, there are no records of full-scale tension testsof 


structural lumber to support such assertion. 7 1 
q _ Frequency distributions of random products expressing the short-time | 


load- ~duration strength of unseasoned Douglas fir two- by four- -inch lumber ot 


— 
— 
a ‘|Property : 
— 
Bending 160 7,480 15 4,910-9, 650 Forest Products 4 
ompression 4,477 3,660 19 1,580-5: 
CV is coefficient of variation or standard devi 
distributions, however, is to cause interesting distortions away from normali-_ 
ty when they are combined with similarly skewed distributions by formation 
of random products. Because of this situation, it seemed desirable to manage 
i & 
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_ some pertinent statistics of these distributions is given in Table 4. _ Complete q 7 
- distributions of bending strength for each grade, : as generated by the random ~ : 
products computations, are shown in Figs. 6 and 7. Enlarged portions of 
these and similar distributions to provide a magnified view of the vicinity of ; a 
low probability, i.e., a low cumulative frequency, are given in Figs. 8 (bend- 
ing), 9 (compression) and 10 (tension). Attention should be focused at or a. . oe 
about: 1 per cent cumulative f frequency for consideration of safe stress levels. : :" 
‘Presumed breaking strengths of single pieces. in bending, compression, . 

and tension under short- time loading conditions ( “short-time 


“stresses are summarized in Table 5A. B 
Comparison of straight lines with irregular ones, or with patterns sofplot- 
a ted points, in Figs. 6 to 10 ‘revealed ed that intersections of product distribution _ 
curves with the ordinate for 1 per - cent cumulative frequency varied 
ably _ Straight lines are segments of normal distribution curves related oon 
 comnaches points representing actual distributions. _ The intersections with 1 
per cent cumulative frequency of each curve have been darkened on the charts 
- for emphasis. In a few instances, only the intersection point itself has been ~ 
placed, to avoid a confusion of lines on the charts. 
It is evident that product _ distribution curves depart for aoemality in the 
“tail” region. Their general trend is to swing upward in such manner as to 
cause the intersections of actual distributions with 1 per cent cumulative 
frequency to be at higher stress values than such intersections of the related 
normal distribution curves. Because differences in stresses selected from _ 
~ actual and related normal curves at the 1 per cent level are large in many a 
instances, ‘stresses both curves have been marked in the 


| 


a The interpretation of stresses listed i in 1 the table is that a on will oc- 
. cur in 1 of 100 times randomly s ‘selected, -unseasoned, single pieces of Douglas — 


x from the 1 per cent level. Stresses peeve dr to longer | odds against failure 
(under short- time loading conditions) of a single piece can from 
curves in Figs. 6 to 10 to the extremes validated by data. ie a a as 
Average strength of 3 values randomly selected from the distributions of 
a strength of single pieces was expressed as a distribution of averages. Com- ; a 
a plete distributions for the “ groups of 3” situation are sl shown in Figs. 6 and 7 a 
and magnified views are shown in Figs. 8 to 10. These distributions were ag _ 
derived from those for individual pieces by dividing selected deviations from A» 1 
the mean by y 3 and replotting the new di deviations (see ‘Figs. 6 and 7). _Stres- 
_ Ses were then selected at 1 per cent cumulative | frequency from the adjusted - | 
curves. These stresses are listed in Table 5B. It is important to note that — 
- these are average stresses, and that they are higher than those for : single — m 
pieces. _ They are for short-time loading conditions. . Increase in stress for ; 
c the groups- -of-3 situation occurs because of chance combination of high with | 7 
low individual values. Adjusted distributions depicting this situation are a 
_ tipped more toward a horizontal position than are distributions representing : 
-— gtrengthe of single pieces. Stresses indicated in Table 5B can be interpreted “i 
to mean that a group of 3 members will bear a an average e stress 1 in | 100 times: 


in 100 times. 


— 
| 
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3 
he 
— 
| ll y, 99 of thee 100 randomly selected pieces will have little to extensive 
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‘Distributions for Bending, Crushing and 


Strength of Construction and Standard Grades 


Doug glas Fir 2- b y 4- inch Dimension Grades 


2.326 X Standard deviation 


t 
2. 326 X andard 


Median estimated from actual distribution 


rushing Strength 

Mean for product di str ibution 

Stantaré deviation of product distribution 
2.326 x Standard 


ensile Strength 

Mean computed for product distribution 


Standard deviation of product distribution 


"2.326 X x Standard deviation 
2.326 xt standard deviation 


estimated from actual distribution 


Deviation value at 1% of © - 
4 
products from median  §,200 
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om | 
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e5. ‘Stresses for Short-Time Load~ — 
in Bending, Compression and Tension for Cons 
2- by 4-inch Dimension Lumber, 
Unseasoned. 


grade 


on 
grade 


Distribution 


are by Tables 4 and 5 and Figs. 6 to 10 of stresses 
~ taken from actual and related normal distribution curves. It is evident that 
relationships between actual and normal curves are not constant, but that ik 
“actual distributions consistently lie above the related normal ones. ‘This per- 
formance is a function of the nature of the original data on strength-ratio and 
clear-wood strength and phenomena associated with combining these data into 
product frequency distributions In any event, actual distributions show 
a generally higher stresses than would be ‘expected from considering only the | ; 
_ related normal distributions of the respective random product data. | Some « of 
_ the contrasts 3 are striking, whereas others may be only chance variations. wal 


Except for crushing strength, stresses selected at the 1 per cent level from 
actual distributions for Standard grade (Table 5A) are pronouncedly higher ~ 
than those s selected from the related normal distributions; differences 
_ pressed as a per cent of the ivens from normal curves range from 96 val 
- tension to 5 for compression. For the Construction grade (Table 5A) the = 
, range is is 80 for tension to 11 for bending. Similar relationships between stres- 


9g = from actual and related normal distributions for 3-piece averages (Table 


5B) show closer agreement. Greatest emuanend are less than 20 per eal i 


of the: value from normal distributions. 


q 
q 


STRESSES FOR 


7 se wood dries is shown by the array of increase values listed in 
Table 6. When this distribution was combined with bending SR and clear- 
wood moduli of rupture in a three-way random product analysis, the resulting 7 
distributions (for ‘single pieces only) are as shown in Fig. 11. To provide 
comparisons, the same distributions have been redrawn in Figs. ‘12 and 13, PS 
overlaid on the distributions for bending strength of full -s -size, 
material. Stresses computed or selected from the 1 per cent cumulative — 
4 frequency level of Fig. 11 are listed in Table 7 ee “ve eee eins 
— Curves in Figs. 11, 12, and 13 describing strength distributions of 7 
seasoned Construction and Standard Douglas fir two- by four-inch 
are: useful only to indicate maximum increases theoretically possible. oy 
: al increases realized will be considerably lower, because evidently the full 
- potential increases do not occur. Limited evidence of this situation is provid-_ 
ed by ragged distributions of strength values of dry 2- by 4-inch pieces tested 
a the check-test phase e of the present study as shown in Figs. . 12 and 13 “Ss 
Curve (C). These distributions fail, by a considerable margin, to correspond 
curves showing the theoretically attainable strength of dry material. 
_ The number of pieces tested to provide this evidence apparently was insuf- 
ficient (only about 80) to define smooth distribution curves for strength of dry 
material. _ In the middle and at the right ends, theoretical and actual distri- 
- bution curves show some signs of parallelity, and test pieces from both —_— 
7 exhibited strengths superior to those theoretically characteristic ofun- ~~ 
seasoned stock. However, to the left of the mean (below 50 per cent of cumu- = 


__ lative frequency) charted data from the actual tests indicate that Standard — 
_ ‘grade pieces (tested dry) did not measure up to levels unseasoned pieces 2 — 
theoretically should achieve. Construction grade material, based on the tests 
| E of dry stock, followed closely the distribution presumably characteristic of 


unseasoned stock for stress levels below the mean. 
It has long been noted that dimension lumber from 2 to 4 inches thick and 
having low strength- ratio benefits little or none from seasoning; the coarse 
defects present, when also seasoned, depreciate gains in strength made when 
_ clear wood in such lumber seasons. This performance is not typical of ma-— 
_ terial of high strength ratio, where apparently net gains in strength due to 
seasoning generally occur. Results pictured in Figs. 12 and 13 seem to con- f 


firm that notion. Iti is S possible that strength gains in dimension lumber due to ; 


| 
than r now permitted, _ But even so, it is evident that optimum gains estimated 4 ; 
in the present study ‘probably cannot be achieved by lumber with 


The mean of rupture for short-time loading of clear fir 4 


‘(species average based on tests of small specimens) recently was reported as 
7,460 psi. (4) The mean bending strengths of Construction and Standard un- 
‘seasoned two- by four- inch lumber taken from product distributions are — 
: 4, 850 and 3,800 psi, respectively (Figs. 6 and 7). Tests of dry lumber (Figs. - 
12 and 13) indicated that some improvement in bending strength begins to ap- ae 
pear at stress levels | of about 3,500 psi in Construction grade and 4,000 psi = <e 
: in Standard grade. Associated probabilities (cumulative per cent frequency) 
for these stress levels are about 14 and 50 per cent, respectively, for the 


probability scale is transposed to one of “equivalent 
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Standard Douglas Fir 2- 4- inch Dimension n Lumber: “Maximum 
ao Stresses 8 Theoretically Possible for 99% of Pieces Perfectly 


of 
3 pieces 


Actual Distribution 
Normal Distribution 


a a strength ratio of about 7 00/7. 460, or 47 per cent SR, and the 50. per cent 

be probability level in Standard grade to about 4,000/7,460 or 54 percentSR. | 
The important contribution to strength gain within the respective grades ap- 
“parently came from the small to pronounced strength ¢ gains by: individual _ 
pieces having strength ratios above those values (47 or 54 per | cent), while 

individuals with lower strength ratios | contributed nothing t to strength im- — 


ating influence caused when low-strength- ratio material dries (see Fig. i. m 
“a _ The mean gains in strength for the grades, with all individuals contributing 

their shares, appear to be 100 [( (6,265/4,850) - 1. 00] or about 29 p per cent 7 
for Construction grade, and 100 [(4, 1705/3, 800)- 1.00), or about 24 per cent 

for Standard grade. Present ‘results, therefore, tend to confirm the idea that 

low SR material does not. gain | appreciably in strength a as it : seasons, an and that © 

average increases due to seasoning this type of material may be about 24 to | 
(29 per cent. It must be recognized that the number of test specimens used | 
_ provide data on actual strength of dry 2- - by 4-inch Douglas fir dimension 
lumber is somewhat too limited a solid experimental backing of these 
tentative 

Influence of Changing Grade 
Product frequency distributions for Construction and Standard Douglas 


—¢  two- - by four-inch lumber prepared when estimated s strength ratios below 38 
per cent were ejected from the analysis are shown in Figs. 14 and 15. Stres - | 
ee for short-time loading selected at the 1 per cent level from both actual a 
and related normal distributions are listed in Table 8. - As would be e expected, 
_ Standard grade was most improved when its contents were artificially culled. — 
_ The short-time loading stress was increased from 900 to 2,100 psi, and ~ 
this result was accomplished by eliminating 44 of the original 208 SR’s falling 


below 38 per cent. In Construction grade, » only 13 of 208 original SR estimates | 
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2- by 4- inch Dimension “When Strength Quality 
Range of Grades was Altered. 


Actual Distribution 


ptandard 
Normal 


L pos: below 38 per cent, but ‘elimination of these fringe values caused the 


ke Interpretation of the above results should be made with full a SN a 
that distributions of computation input data were especially modified for this 
phase of the experiment. The modification was about comparable to — bs 
J the size of maximum knot permitted in Standard grade from 2- to 1- 1/2-inch — 
4 diameter. Coupled with adjustment of data was the assumption that all elimi- 


at were not low for some other reason such as steep slope of grain. 1nd rai 

ti It is not suggested that present grades of lumber be changed in view of 
these results. It is interesting to note, however, that distributions of estimat- 
a strength, as prepared in the present project, are sensitive to manipulation. 7 . 
This observation suggests that lumber grades might be developed to exacting, ” 
‘special stress requirements if demand for them eee, - if costs of select- aa 


ing such 1 grades were reasonable. j= 


Working resses 
‘The objective of the present study was to develop a possible basis for de- 
"termining reasonable working stresses for two- by four-inch lumber in 4 n 
_ typical nonstress grades. It was not the objective to derive, or suggest, , such — 
working stre stresses. A few general comments on this subject, however, will be & 
_ The stresses for short-time load duration estimated from product oil : 
cy distributions must be adjusted downward before values of practical use in 2 
design can be expressed. common and well-known adjustment is for 
7 duration of load. This factor is applied in recognition of the fact that oh 4 
- practical design, load duration must be reckoned with, and a reduction of Sue 
_ stresses for short-time load duration (as alia by ‘standard tests, for — 
example) i is, therefore, = 


of wood is progressively higher as the load-duration time diminishes. For "4 i 
4 
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wd 


Reductions are necessary care of other aspects of design problems 
or special characteristics of material generally thought to influence its per 
formance in structural applications. _ Considerable study has been made of r 
factors influencing the strength of wood as such . and as used in practical de- 
sign. (14,15) More study of these matters perhaps will be made, following — 
lines of thought already proved fruitful. The method of establishing a basis 

_ for determining working stresses in wood used during the present project wae 
“may have merit, if applied to further extend knowledge of the properties and _ 
performance of timber of greatest interest to the engineer, = rt, 

‘There is no suggestion from present work that working stresses for wood» 
should be altered drastically. Traditional practices of stress grading and es- 
_ tablishing working stresses for individual timbers in the conventional stress | 
_ grades have been satisfactory in the past. Itis possible, however, that im- 
proved information on the ranges of strength to be expected in both stress 
- and nonstress grades could be gathered through additional studies of the sort 
described here. This type of information could be useful for application to. 
ry design problems where multiple action of load-carrying members is known | 
Because of natural variation in the strength of both clear wood en 
‘mercial timbers, the vast of pieces in any grade seem to have 


Va = pieces of any given grade possessing superior strength repel @ 
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_ ANALYSIS OF A TWO WAY TRUSS SYSTEM 


John A. -Sbarounis, 1 AL ‘M.A ASCE and Michael P. Gaus,? J. 


‘The analysis of a two >) way truss system forming a space grid is described. 7 

‘This ¢ grid can be rigidly o or elastically ‘supported as desired. Two methods of 
_ analysis are presented of which the first is based on the method of consistent — a 

deflections and the second on the solution of an anisotropic flexural “a 


- Application o of the methods in the a analysis and design of the U. S. ‘Air Force © 
Academy Dining Hall at Colorado Springs, Colorado is discussed. ‘del <a 1 


> 


United States Air Force Academy at Colorado Springs, Colorado called for a 
_ relatively thin flat roof structure which would provide a clearspan interior - 
area of 266' x 266' with a 21' cantilever around the perimeter. In order to . 
meet these requirements it was decided to use an orthogonal two way truss — 
( system forming a space grid supported on sixteen columns. - Analysis of this 
type of roof by two methods is presented. The first analysis is based on the 
_method of consistent deflections. For the second analysis the roof is con- an 


sidered as an ee anisotropic flexural grid and treated by the method — 
of finite differences, 


Description on of Structure est. 
ad A plan view and elevation oft the roof structure co considered is shown in 

‘Fig. ‘The roof structure is square in plan measuring 308' x 308' between 
_ Note: Discussion open until July 1, 1959. To extend the uated date one month, a &§ 
= request must be filed with the Executive Secretary, ASCE. Paper 1940 is 
i. part of the copyrighted Journal of the Structural Division, Proceedings of = 


American Society of Civil Engineers, Vol. 85, No. ST 2, 


Structural Designer, Skidmore, Owings & Merrill, Chicago, 
= Assoc. in Civ. Eng., Univ. of Ill., Urbana, Ill. formerly Sr. Structural - 


_ Designer, Skidmore, Owings & Merrill , Chicago, Ml, 


igineers 
5 

| 

| — 

— 

— 

— 


AT. 


| 


Ht 


— 


Mid 
VIEW LEVATION OF ROOF 


— 

— dig 
+ 
mites 
4 | | t+ dior 

me 

— 


SYSTEMS 


‘the contertine of exterior trusses. There are 23 Warren trusses in each di- 
rection spaced 14'-0*" on centers which are welded at their points of inter- 
= section to provide full continuity in each direction . The trusses are fabricat-— 
ed with structural tees as chords and angles as diagonals and 


_ fabrication, both shop and field, is by welding, 
_ The roof is supported on 16 columns spaced 70'-0" o. C. and set in 21'- 0" 


from the perimeter, thus providing a clear interior area 266' x 266" square. 

‘The columns are located midway between the centerlines of trusses and - ; 
load is transferred from the top chords of the four surrounding trusses to a 

column by means of a “capital” fabricated from standard structural shapes. 

; _A photograph of this capital is ‘shown in Fig. 2. Load is transferred from the 


base of the capital to t the column | through | a | stainless steel hemisphere. The | 


the column while the base of the column is rigidly fixed to the concrete sub- ‘ 
_ The total depth of the trusses | is 8'-6" at the perimeter. A pitch of one- 
7 quarter inch per foot was given to the roof surface in four directions in ie 
to gain additional depth at the center and to facilitate the 
-1/2". 


266'-O 


14'-0 =308'-0 


_A metal deck covered with insulation and a built up roofing forms the — 
surfacing. — The perimeter of the roof is sheathed with an aluminum facia. 


"Prefabricated ‘panels are inserted between the lower chords of 


{ 


General Assumptions 
All the usual assumptions applying to truss analysis were e made in ‘idealiz- 
the structure, 
‘small, it was assumed that torsion has no primary effect on the action of the 


"93 TRUSSES A 


— grid. Thus the stresses which occur due to differential rotations between 


joints were aie as secondary | stresses independent of the primary — 7 


jie 


In order to illustrate the method of analysis without unnecessary compli-— 


ations a much coarser grid than that of the Dining Hall roof (Fig. 8) is used _ 

in the following. For the same reason, the applied dead and live loads are a 

assumed to be uniformly distributed over the entire roof. | Fig. 3 shows such | 

_a simplified grid supported at sixteen points marked Ry and Rg. The § grid is 

_ composed of nine equidistant trusses in each direction. The trusses are con- 

_ tinuous and rigidly connected to each other at each joint. . The structure has — 
= four axes of symmetry, the two centerlines and twc two diagonals, if the applied 
sly are uniform or symmetrical to these axes. For the purpose ofthis 


analysis we assume that the trusses on lines 2, 2', B, BY (Fig. 3), will act as 
elastic supports for all the other trusses. The uniform load w is converted : 
7 _ to concentrated loads applied at the joints. The intersecting trusses act wil 


in the panel loads but do not share these loads equally 


| 
| 
d 
: 
| — 
= 
‘Fig. 6 shows a view of the structure after steel erection. 
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except at the joints along the two diagonal axes of the structure. As a conse- 


"quence there is an internal force between the trusses at each joint on the ~ 
_ grid. Fig. 4 shows a quarter plan view of the structure with the supports Ra - 
removed. As 3 designated in this figure, we assume that at each joint, one 
will carry a load (1/2P + + K) and the other (1/2P - K), where K is 
unknown internal force due to interaction between the two trusses. Due to | 
_ symmetry, t there are no internal forces at at joints lying on the diagonal axes, 
“hence the panel loads are 1/2P. In the case of the trusses on lines 2, 2', B, 
_B' the loads equal the panel load P plus the reactions from the trusses — 
perpendicular to them. Since the structure and loads are symmetrical about — 7 
‘the centerlines and ‘diagonals of the ‘structure, e, there are only six unknown 
internal forces (see Fig. 5). The unknown internal forces Ty, 19,73, and T4, 
at joints on lines 2 and have been in terms of Kj, 
| 


of the } panel loads P and the unknowns Kj, Kg, Kg, K4, Ks, and Kg by means of 


7 & possible to find the deflection for all the points on the trusses in terms 
-: virtual work or any equivalent method. The symbol convention is as follows: a 


si partial deflection of any one panel point on a truss, or the deflection 
with respect to its points of support on truss 2, 2', B, ors". a 

7 7 = the total deflection of any one panel point on a truss, or 6 plus the de- 

flection of the with to the stationary points Ry. 


The subscripts associated with the terms 6 and A will ‘indicate ‘the truss and 
‘the point on the truss in that sequence. Thus Aja is the total deflection of ss . 
truss 1 at point A. = deflection for the various points in an area bounded a 
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ix equations 0 the following type are 


Ka Kay Ky )=0, 

’ 2? - 


- Solving these six equations simultaneously yields the six unknown internal 7 
_ forces ‘in terms of the panel loads ~ The deflection at the points ¢ of — ] 
The second stage of the analysis involves the introduction of reactions 
«Re " The loads at the joints consist of the unknown interactions Ki, Ko, 
K4, Ks, and Kg. In Fig. 7 the trusses are represented as free bodies with the - 
appropriate loads. Deflections are computed in the same manner as in stage _ 
one (Eqs. 1). If the deflections are equated for the same points as before a 
(Eqs. 2), , the six equations obtained. will be of the following type: 2 a a 
| 
Kus Kgs K 6) 0, 


0. 
Solving these six equations simultaneously yields the six unknown internal 
forces in terms of the unknown reactions Ro. The at the of 
application of Ro 
equating (4 4A, 


reaction Ro is 


The of Ki, Ko, K3, K4, Ks, and Kg are then also converted panel 


_ The trusses may now be designed I by 3 applying t the kr known loads, P, Nel Ke, 


Ks, Ky, Kg, and Kj, K2, K3, K4, K5, and Kg. 
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Kas Ke, Ke = = unknown internal forces due interaction 


= reactions at elastic support. Fig 7 for values) 


Ri= column reaction = 
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hat the matrix of the coefficients of Eqs. (3) ) and (5) are q 
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_A truss carries load in much the me a ‘except for the 
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‘difference is that the shear deflection in a enon et ordinary proportions will 
ae account for a greater percentage of the total deflection than it would - 
in the case of a beam of ordinary proportions. Shear deflections are gener-_ 
—— ally neglected in beams because they only account for a small percentage of — 
the total deflection and are less significant than the uncertainty in the magni- 
tude of loads, properties of materials, manufacturing tolerances, etc., unless» 
the member is very deep or subjected to some unusual loading. If the depth > 
to span ratio of a parallel chord truss is decreased, the proportion of the ad 
; _ total deflection due to shear also decreases. The type of structure considered 
in this paper has a low depth to span ratio and the > shear deformation becomes 
small enough so that for practical purposes it may be neglected for the same 
reasons it is neglected in an ordinary beam. Thus the load carried by a very 
‘shallow two way truss system can be considered as an equivalent flexural 
and analyzed by numerical techniques. 
General ante of Method | 
a Consider the | trusses of the structure to be an orthogonal grid - ny 
embers, of varying structural properties, which are rigidly connected at a tw 
their points of intersection. The structural properties of this grid must be & 
_ determined from the system which they replace. For this analysis members 7 
of the grid are subjected to bending and shear only with torsional effects 
_ The linearized differential equation for a aint flexural member (in a an x 
= 


I(x) = Moment of inertia at an 


tany point ve? ay 


v(x) = Deflection at any point = 
p(x ) = Intens nsity of loading at 
, = Intensity of loading at any point 
- When a grid of orthogonal members is considered, the load p(x,y) along the 


: members, is carried in part by each member where they intersect and by 


where I ** = Moment of inertia in x direction 


_ The members of this grid may be considered to have zero flexural rigidity in 


8 a direction perpendicular to their length. It can be seen that the terms in 
parentheses in the above equations are the usual differential expressions ter b 
a M, and My where Mx and My are the bending moments in the X or Y direction 
at any point on the grid. Thus the equation could also be written as 


4 
| 
— pr 
wi 
= al 
8 
fl 
4 
4 
Of IME if tie grid is referred toa 
ae an —_— ; cartesian set of coordinates X and Y, with the members running in the X and . 
¥ directions, the differential equation for the grid takes the form _ 
| 


idered 


comes | 


\ 
id A convenient solution o of this differential ite — a particular set of 
‘boundary conditions is possible through the application of the finite difference 
procedure. The finite difference procedure will ultimately reduce the _ yo 
problem to the solution of a system of linear simultaneous algebraic ae 
| = will yield deflections at particular points when solved. From these = a 
flections the moments, shears, and reactions of the grid can be calculated - 
_ and the calculated values used to determine the bar stresses in the truss - 
- system. . Itis necessary to write one. equation for each point at which the de- 
flection is to be found. The number of points which must be considered is de- aa 
4 termined by the type of loading, the variations in structural properties, and 
x by considerations of accuracy. . For the Dining Hall the deflections at grid 
_ intersection points and the column capital support points were sufficient to 
satisfy th these 
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of the difference equa equations will nc not tbe. given in n in this paper. 
_ Information pertaining to the derivation of these equations can be found in 
y. reference (1, 2, 3, 4). In order to discuss the finite difference equations, | i 
* system of notation is required. Such a system of notation is shown in Fig. .. 
‘The point to which an equation | applies is designated as “0”. Points —* 
‘ing “0” are designated as shown in Fig. 9. When referring to a particular — 
‘point the point location is indicated by a subscript. Furthermore when a tie 
quantity applies toa particular direction, the direction is indicated by a we 
superscript such as M&, the bending moment Xx rection at point 0. 


Some further notation is as follows: 
Deflection ata point indicated by a subscript 


- Spacing of trusses or main grid 


4a 


B = (En - Stiffness 


P= = Load concentrated a at 


4 With notation the equation | solution. the ditferential | 


0 


the notation shown Fig. 9 would be be placed on sheet of ‘transparent ma ma- 
terial to form a “pattern” | whose scale ‘matched that of a drawing of the — eas 
structure to be analyzed, this pattern could be moved about over the drawing 
go that the point 0 would be ‘superposed over any point to which this is equation ; 
a : applies. The pattern could even be rotated (which will be nec necessary for some 
= a - special equations to follow) if the proper change in superscripts is made. _ 
It can be seen by examining Fig. Soa that the pattern for the general point “yi 
. ; otaiion will not apply to } points near the boundary of the structure or around : 


the points of support because on the pattern fall beyond the grid edge or over — 


i in order to satisfy the boundary and support conditions. The special equations 
_ required for the Dining Hall are shown in Figs. 10 thru 21 with their accompa- 
-nying patterns. Application of these equations will be discussed iter, 
Determination of Stiffness Coefficients 


‘equation is written. The analysis therefore is a trial and error Me nteh on as 
is usually the case for this type of structure. _ A tentative design is made and _ 
then analyzed. On the basis of the analysis, revisions are made and d if ‘Tre- a 
aired a new analysis carried out. 
The stiffness coefficients involve three terms IL. and h. Of those se three 
7 terms only I is a function of position on the structure. The value of lis com- 
puted from the properties | of the chords of the trusses. Using 
of the chord members, the moment of inertia I is computed from — - 
4 


subdivided grid intervals. Thus special equations are required for such points — 
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where 4 = Area of top chord 


= Area 1 of bottom 


dt 


= Distance from the center - oinan. of both chords to the c center 
of gravity of the top chord ve 
7 "dp = Distance from the center “en gravity of bot both h chords tc to the center 
When the -o_" of the chords varies between deflection points an average value 7 


_ The stiffness of the column. capitals supporting the roof struc 


ructure could 
not be found as described above because of their triangular shape. In order | 


to find the ‘stiffness of the capitals, arbitrary loads were placed at the truss 


connection. points and the resulting deflections computed. These deflections 
= 


were equated to those of a enced beam supported in the same manner and 
an equivalent I computed. : 


‘Application of Difference Equations 

‘The points: on the ‘structure for which equations will be written | must be 
labeled in some manner. No equations a are written for points which do ‘not 
deflect, such as points of support. If there is any symmetry of support 7 
loading, the number of independent deflection points may also be reduced. 
When carrying a uniform live load, the Dining Hall roof shown in Fig. 8 has” y 


four lines of symmetry, because of the symmetry of support, dead loads and 
oe sical properties of the structure. 


In ‘this: case only one of the roof 


there are 86 ialageaent points for which equations must be written. This — 


yields a 2 ‘system of 86 simultaneous equations. These equations were ‘solved — 
vee The equation for each point is obtained by superposing (physically or 
-mentally) the difference “pattern” over the point and substituting the 
point designations for those on the difference equation pattern. Because there i 
are never more than ten non-zero terms in one equation, the equations are 
relatively simple to write. The | writing of equations will be simplified if the 
stiffness coefficients and loads are multiplied by a common factor to yield — 
‘ere close to unity. The deflections which will then be found will be rela-_ 


be symmetric. ‘This condition will a partial check of the 
after they are written. 


Calculation of Shears, 


Moments and Reactions 


- Moments, shears, and reactions in the grid are saidbieiiiat from deflection 


values found by solving the simultaneous equations. s. The bar stresses are are 
: calculated from the moments and shears. ; 


_ _ Three cases appear in calculating moments; one where the grid spacing is 

uniform and equal to “h”, and the other two | where there i isa eaiiiohanan, of 
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— the grid has a uniform spacing “h”. Using the notation of Fig. 9 where 
“0” is the point at which the moment is to b be calculated, the expression is 
w 


— as 


~ ‘The par eaat of the no notation in Fig. 9 wieniees the moment calculation may be 
thought of as a transparent moment pattern drawn to an appropriate scale. _ 
This moment pattern, which is simply a line with two equal subdivisions, can 
be moved about over a ‘scale. drawing of the grid and is used to calculate the 


moment at all points where it fits. 


Where a grid subdivision exists, the previous pattern will not fit. At such 


points tv two patterns ; are considered one of which has equal divisions of width 
h/2, and one which has unequal spacings of h and h/2. These patterns and , 


ed as determined by the | direction on of the moment, the moment expressions are 


d for une ual acir (Fi 23 3). 
- qual spacing (Fig. 23). “a 


+2w 
yg If the moment is known at two iio points, the shear is simply the dal 
_ difference of the moments divided by the length of the interval. Signs are de- 
termined by the usual sign convention. (Positive moment causes 
Recipies in top fibers, etc. ) Reactions are equal to the sum of the shears 
about the support plus any tributary load which goes directly to the support. | 
Summary of the Analysis as an Flexural Grid 


The analysis of a grid by the finite difference procedure 1 may be summa- 


ie : Label the grid so o that various deflection points can ~ easily identified. 
. Calculate and tabulate the loads and stiffness coefficients for each a 

3. Write the 85 system of simultaneous equations by using the seieaianll 
individual difference expressions. det 

_*« Solve the equations on a digital computer or by any other means. ical 

5. Calculate and tabulate the moments, reactions from wi from 


"Comparison of Methods and Discussions of Results 
Each. method presented has individual advantages and 
sistent deflections is a method which conforms closely with conventional 
methods and assumptions of truss analysis. However, it requires tedious de- 
‘flection equations which in general do not have zero 
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terms. The method of an equivalent flexural as used 
shear deformations, however, this effect is of small significance 

the depth to span ratio is small. Although this method requires more __ i i 

equations than the previous one, the equations are much simpler in form _ 
since there ; are never more than ten non- zero terms in each equation. e Unlike — 
if the supports 

fall on a line other than the centerline of a a truss, the problem is more easily — 
treated by the equivalent flexural grid method. _ There are some disadvantages — 
common to both methods; numerical errors or errors in signs are not ap- 


necessary to obtain reliable results; as is common to this type of racy ie 
the analysis is a trial and error procedure, thus it may be necessary to ana- 
lyze the structure several times before the resulting stresses match the ae 


s 
d analysis. ‘This procedure would a assure a solution free of any errors that j 
might be inherent in either of the two methods and at the same time serve as 

_an independent check. The method of consistent deflections was selected for : 

é the initial phase. A complete analysis by the method of consistent deflections — 
fev have required 63 equations, a task far beyond the time limits. In order = 
to simplify the calculations the number of equations was reduced to 21 1 by = ite 
eliminating trusses on lines E, H, K, P, 5, 8, 10 and 14 (see Fig. 8), and y - 

i introducing their stiffness and loads in the adjoining trusses. After the | 

F equations were solved the stresses were distributed to the trusses which a 
been eliminated on the basis of their relative stiffness. When this design was , 

completed the structure was analyzed by the equivalent flexural grid method, © 

but in this case equations were written for all the points. The solution of ody 

resulting 86 equations yielded stresses approximating those obtained by the | 

first less exact solution. A comparison of the stresses in the lower chord anil 

selected points is shown in Fig. 24. ‘Fig. 24 indicates that the stresses at 

‘members located two or more panel points from any support checked ade- a 

quately. For members close to the supports where the magnitude of the bend- a 

ing stresses is small, , the two solutions compare only qualitatively. However, be? 


the magnitude of the stresses is such that member sizes consistent with im 


stresses resulting from both solutions in most cases. The discrepancy be- — 
tween the two solutions could also be attributed in part to the change in some 
member sizes on the basis of the first analysis. This altered the relative — 
‘Stiffness between trusses and changed the distribution of stresses. TSR 

J ‘The anticipated deflection contours for total dead and live loads derived 
from the final solution are shown in Fig. 25. The maximum calculated total 
load deflection is approximately 12 inches which is (1/266 of the interior span. 

The anticipated live load deflection is 5- 1/2 inches or 1/580 of the interior ; a? 
span. ‘This is considerably less than the common value of 1/360 often applied 

is The total weight of steel in the superstructure is 1222 tons. A tabulation 

of the ' weight of steel required for various parts of the structure and the — 
weight per square foot on the basis of gross roof area is as follows: — 
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of Symmetry ———7 


‘Stresses “shown ‘in kips. 


Solution by method jent deflections 
( ) Solution by equivalent - flexural grid method. 


FIG 24 COMPARISON OF OWE ER CHORD 
OF ANALYSIS 


Columns, base ete. 


_A preliminary design atmete indicated that a one way truss | system a 
a similar depth to span ratio would have required approximately 26. 0 pounds of 
"steel per square foot or 30 per cent more than the two way system. However, 
4 due to increased fabrication costs for the two way system, there was a 15 per 
cent increase in the bid unit pr price of steel. Thus a two way system provided ~ 
economical structure for the Dining Hall root. 
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Defiections ore “for load plus maximum uniform live load. 
deflections are downward. Specified camber i ‘is equal 
= 
FIG. 25 25 CAL ALCULATED DEFLECTION OF 


ROOF STRUCTURE 


"which will solve these equations are readily accessibie to any engineer. ine _— 
7 _ The two methods of analysis presented, consistent deflections or solution . 


- with finite di fferences, yield essentially the same results. 7 


— 
— 
— 
: 
ndsof e use of methods involving larg 
ads of s involving large numbers Of simultaneous equations is 
wever, 
15 per 
q 
vided 
&§ 


* “larger number of equations. _ The ‘change | of the size of a particular member — 
a few of the equations, thus facilitat- 


“ing subsequent analysis. 
ot In spite of the small depth to span ratio deflections are not a hpaeeemn, in 
t 


wo way systems. 
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OVERLOAD FACTORS CAN CAUSE ULTRA-CONSERVATIVE DESIGN 


Richard N. N. Bergstrom, ASCE 


SYNOPSIS 
This paper reviews the use of overload factors in 1 establishing design 
“stresses for reinfo 
for steel transmission towers. It compares this with results of conventional 
P cesign stress assumptions and finds overload factors create a much — 
Over the y years in which the science of structural design has develop 
- ing, engineers have experimented with various methods for introducing a 
factor of safety into the « design of structures. ‘These experiments have gener- 
ally followed two routes in working with the known breaking or yielding 
_ strength of the material and the load to be applied to the structure. “The | sas 
_ common practice incorporated in most codes in the United | States: has s been as 
7 based on selecting some fraction of the breaking or yielding | stress as the al- _ 
_lowable design stress to design the structure for the anticipated loads. The a 
: other method commonly ignored in this is country has been I based on using the 
breaking or yielding stress as the allowable design stress and increasing the 
5 Pre ig loads by some arbitrary factor to obtain the design load on actor”, 


ng 
the: factor of safety has been that this enables the designer to vary the factors _ 
portion of the load and the degree of : accuracy to which coe 


‘Until recently, the only major recognized code in the United States advocat- — 


ing the use of overload factor design was. the National Electric. Safety Code © 


7 covering the design of electrical transmission towers. ae however, 
Note: Discussion open until July 1959. To extend the closing month, 
written request must be filed with the Executive Secretary, ASCE. Paper 1941 is 
part of the copyrighted Journal of the Structural Division, Proceedings of aia * 


/— American Society of Civil Engineers, Vol. 85, No. ST 2 , February, 1959. y 
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> 
“ACI- -ASCE Joint Committees 323 and 327 have incorporated the use of over- mt 
load factors in their recommendations for the design of prestressed concrete ‘= 
and for the design of conventional ‘reinforced c concrete by ultimate strength , 
design. With these two respected committees s composed of eminent engineers 
taking a stand in favor of overload factor design, it seems to betime for 
structural engineers to evaluate carefully the the advantages: and — 
_ Advocates of overload factor design universally claim that ‘this permits — 7 
‘them to safely u utilize a much higher design stress than could be done by con-_ 
ventional methods. Transmission line engineers have been convinced of it vad 
; “years. _ The same claim is echoed for the use of overload factor designin 
“concrete by ACI- “ASCE Committees 323 and 327. In the discussion on the re- 


Proponents of this method have argued that the nowr load of a structure 
can be estimated very accurately and hence, in designing for this portion of 7 
the load, it is proper to approach quite closely to some limiting stress, such _ 
: as the yield point or some high percentage of the ultimate stress. Itis 
- further argued that the live loads on a structure cannot be predicted as close- 


yy and, therefore, in ) for this portion of the load, it is proper to de- 


significant decrease in overall factor of safety”, = | 


‘complications a added to the design. 
Opponents of this scheme have advanced two (2) First—the 

‘ naaiiiien of varying load factors cause the designer to lose sight of the 
actual stress conditions under the load. Second— —the dead load is the one load 
_ which the designer KNOWS positively will be on the structure and should a 
‘some factor of safety to all to allow for flaws in the material or workmanship. On 
the other hand, most live loads ar and wind loads are selected on the generous ~ 

side and contain an inherent factor of safety ir in thi that these loads are seldom 
Leaving for the moment the pros and cons of this particular argument, it 
is interesting to see how the overload factor method works out in actual ——— 
‘practice. As mentioned above, the two (2) ) major examples of overload factor 
_ design in the codes of the United States are the ening: 4 gin. 


Recommendations for the design of « concrete structures | 
ultimate strength theories. ACI-ASCE Joint Committee No. 327. as 
(Recommendations of ACI-ASCE Committee 323 are similar). 


_ In an excellent paper setting forth formulae for distribution of stresses by 


‘ultimate strength theories, the Committee added the requirement that the 
‘member should be designed at 85% of the 28 day compressive ‘strength fc for an 


load Fone of the larger of the following: ata 


U=K(B+L) 
E. U- -K(B +L + 1/2W) 
Dima “yu” is ‘the | ultimate e load, “B” the t the basic load or dead load , “L? th the 
a load and “we the wind wind load » “K” equals 2 for members to axial 
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‘rete 


loads and 1.8 for members in n flexure ae: — discussion below, “] “K” has 


been taken at 1. 8. 
National Safety for the design of electrical 
P _ transmission towers provides that the towers should be designed at .~ 
the yield point for loads such as the following: 
— “y? is the vertical load, “TW” the load due to ionmiibiines: wind and 
«p» the load due to wire pull on the tower ina longitudinal or transverse di- 
rection due to toa change in direction at the tower or due to deadending | the 
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In designing members under these systems, we can see that the actual 7 

ress | inthe memberis: 

Actual stress , actual load loss 


design load 


one the design load governing - will be the te of the two values of “—" de- | 


termined by Eqs. A and B and therefore, the actual stress will be the smaller 
oft the — ‘a 


L 
Actual stress - 2. 2.4L * 
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: ‘ian governing will be the largest of the four values of “U” determined a 
equations C,D,E and F, and therefore, the actual stress will be the ‘smallest 
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In Fig. values are protted if terms or per cent of using various 
7 ratios of live load to dead load. Also plotted is the allowable stress if con- 
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to dead load, the wind load as a fixed of the live load 
each case. In Fig. 2, wind load is equal to 0.5 times the live load; in Fig. 3, 
wind load sees live load and in Fig. 4, the wind load is equal to twice the | ms 


nal In Figs. 1 through . 4, the areas of gain or loss through the use of iia 
factor design over conventional design are indicated. . In Fig. 5, the relation- | 
of stress for each case to its conventional allowable tress 
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able stress and more conservative structures, 
For the transmission tower design criterion discussed under (II) ae, 
‘the actual stress is the following: | 
ON. Actual stress = * x yield point 


i - fixing “P” in terms of “V”, a curve can be obtained to show the vari- 
ations in actual stress as varies in terms of *V”. This was done 
several values of “p” and the curves plotted in Fig. 6. Surprisingly, these — 
"curves are very close together and show that the actual stress on the member 

varies from about 70% of the yield point down to about 60%. ‘ Considering . 4 

steel with a yield point of 33,000 psi, the use of the conventional design stress 

_ of 20,000 psi would be about 60% of the yield point and would meet the a 


curves at TW = = 0.4V. 
The following conclusions may be drawn from the preceding discussion: ; 


rT Overload factor design for reinforced or eee concrete permits: 
slightly higher design stresses than conventional methods for cases oe 
_ where dead load forms a high percentage of the load, ‘but as soon as live 
load and wind load form an appreciable part (varies from 10% to 50%) 
_ of the total load, lower design stresses result requiring the use a) | 
structures, This reaches a maximum where the overload factor 
_ method can result in a structure twenty-five per cent (25%) a oy 
than that obtained by conventional methods. 
< 3. Overload factor design for transmission tower work does result in a 
ci, slightly higher allowable stress than conventional methods, but not 
' a nearly so much higher as normally assumed by transmission engineers. 
4. Application of of overload factor designs incorporate many complicating a 
- and confusing issues in the design which prevent the designer from hav 
ing a true picture of the actual stresses inthe structure. = 
Less expensive or comparable etructures would result from discarding | 
Gttitude the overload factor approach and retaining the conventional 
- attitude towards allowable stresses and factor of safety. ‘This should 
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Edward Y. W. Tsui,! A. M. ASCE _ wd 


it has become. apparent that the earthquake of many 


for industrial and other, more specialized types. A set of curves is present : 
ed here which show design coefficients as function of the rigidity of patll 


of one-mass s systems obtained by dynamic analysis. " 
= It is hoped that the paper may serve as supplementary reference for the 


© convential aseismic design of special structures and that it will evoke dis- 
cussion which may to the of a 


The main factors to be considered i a seismic eed wee be desman 
(1) The nature, pattern, and intensity of dynamic forces by earth 
— (2) The response of various types of structures to these forces ed ze ae 


(@) Variables encountered in ground motions and various types of | 


Because dynamic analysis for any transient is usually 


consuming and tedious, practically all codes(6,7,8,9,10) provide seismic coef- 
ficients by which structures may be | designed for equivalent static loads. _ —Un- 


fortunately, numerical values of these coefficients are different in the various 
‘Note: Discussion open until July 1959. To extend the he closing date one ‘month, a 
; written request must be filed with the Executive Secretary, ASCE. Paper 1942 is 
part of the copyrighted Journal of the Structural Division, Proceedings of the Be 
American Society « of Civil Engineers, y Wate 85, No. ST 2, February, 1959. 
. Research Engr., Lockheed Missile Systems. Div., 
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local is recognized most codes are as s far as in- 
- dustrial | and certain other types of structures are concerned. Further, it has 
: been | shown by some investigators that the rigidity of the structure governs 
_ its response to dynamic forces. The codes, asa rule, do not es this aspects 
of the structure fully into consideration. 
_ ‘The p purpose of this study is to investigate the possibility of establishing | 
some suitable seismic coefficients for the design of industrial structures in § 
various active earthquake zones in this country (See Fig. 1). = =f | 
a The mass of a structure, including equipment and live loads, plays an im- és 
gona part in a seismic design. Since it is basically a dynamics problem, 
the fundamental period—or rigidity—of a structure largely determines the 
magnitude of the induced seismic forces. Generally speaking, flexible 
_ structures having longer natural periods respond less than rigid structures. 
The distribution of seismic forces, such as base shear, is simplest with . | 
concentrated mass (one- -mass system), whereas in a uniform-cantilever | 
aan (equivalent one-mass system), the distribution will v vary toa a great: 
er extent, particularly for the higher modes of vibration, = 
a The effects. of both structural and hysteresis damping in the response 0 of 
structures have been investigated to a certain extent. (3,18, 19,23) The magni- 
tude of the damping force is commonly expressed as a percentage of that _ al 
critical 5 value of damping at which the motion of the structure loses its vi 
_ bratory character if subjected to a sudden impulse. Since there are nu 
factors, such as joint friction, heat generation, and dislocation and plastic 7 
Benoa of the ground and d the | structure ‘itself, which contribute to the 
dissipation ofe energy, no ) general, reliable information concerning the magni-| q 
tude of the damping in various structures has yet been established. Aftera | 
_ review of the results obtained by recent investigators(3,15, 19) a a tentative — 
value of 10 per cent of critical damping has been chosen for structures being 
considered in this study. The values yielded by the review were in the order 
of 3 to 6 per cent for ‘steel frames and 7 to 14 per cent for concrete buildings, 
with the | greater. amounts for more brick walls and. partitions. Ee 
r Ground motion is the prime factor which generates the entire range of the 
dynamic responses of a . The characteristics of recorded ground 


movements vary greatly. _ However, it is interesting to note that maximum 
accelerations of major recorded shocks occur with almost identical en 
These range approximately from 0.1to0.5sec. 
_ The rigidity of the ground also affects the r response of the : structures to a 
: certain extent. - Since current knowledge is inadequate to establish numerical 
values for ground rigidity, it is assumed that the structures considered in 
investigation are founded on firm soil. 


Dynamic Analysis of Typical Structures 
aa, 


fined a as the curve which represents the maximum seismic base shear as 2 
function of the undamped fundamental period of the single- mass ty 
This so-called response spectrum technique was originally presented by 
_ Prof. M. A. Biot about 17 years ago. (1) Later, response spectra based on 4 ' 
certain recorded shocks were evaluated by Professors J. L. Alford, G. W. 


Housner, D. E. Hudson, and others. (2, 4, 12, 18 14) “Unfortonately thei method 
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at the seisr seismic forces induces in as yet 
adopted in any building code. (6,7 7,8,10) It: is true that the Joint Committee of 
_ ASCE and Structural Engineers ‘Association of Northern California employed 
this technique to set forth a standard spectrum. (11) Their report is, however 
only | a recommendation, and its use is limited to the design of ordinary build-/ 
ings. This paper is an outgrowth of one of the suggestions for future study 
made by the joint committee. It is the author’s intention to establish a set of 
‘standard response — which may be used in aseismic design | of f any Xin kind E 


7 One- Mass System 


Ze  caiataita. the idealized one-mass s system represents a a structure re with 
= the inertia loads acting at a single point. On the practical side, however, 


simple structures with most of their mass concentrated at one level may be 
put in this c category. _ There are numerous structures of this kind: One- -story 

thas and frames, elevated water tanks, conveyor bents and towers, _ | 
for example. 


. the a spectra | of the one-mass ‘system for various earthquake zones, 
(See PIE A) Onr reviewing the | damages caused by the recorded major 

- shockd 16) and the results of recent studies by engineering seismologists, : 

4 per cent (N- Component) of the El Centro Accelerogram of the ‘Imperial PHO 


“| 


Zone 3. The nitude of this particular earthquake was about 6. on the 
‘Richter - scale. | — 


Age 
7 Equations of ‘Motion and sais Corresponding Computer er Circuit 
An idealized one-mass system is shown in Fig. 


x absolute movement of structure 


absolute movement of round 


g= relative movement of structure with to. ground 


= spring ‘constant of 


shear force required to give unit deflection in the 2 Zz aceon 


— 


= maximum base shear of iin 


=¥ k/m, frequency | of structure 


W. = 
n = c/2YVkm, fraction o of critical damping 
= derivative of x with to time 


to Newton’ s Law, 
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3 Fig. 2 One Mass 
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After substituting the the above into (2), the the following 


* 


‘The computer circuit for Eq. (3) is ‘Fig. 
Recorded Solutions and the Corresponding Response Spectra aed: 
The Berkeley Electronic Analog Computer (EASE Model 1032), Sanborn > 
: Recorder, and Photoformer Function Generators were used to obtain — a 


sponse spectra.(20) 
Tog gain a better understanding of the variations of the response in “ 
system due to different damping factors, response spectra were inthe 
for n = 0. 5, n = 0.10, and n = 0. 20. The recorded solutions thus obtained are 
—— shown in Figs. 4, 5, and 6, together with the forcing function 
_F(T/B). All results evaluated from the recorded data are shown in Table ‘. 
_ The acceleration response spectra for n = 0. 05, n = 0.10 and n= 0. 20 are me 

__Undamped response (n = 0.0) of one mass system has also been investi- 
‘Fig. 8 ‘shows response variations for different structures. 

All complex structures in which the mass is concentrated « on ‘two. or more 

"25 floors may be considered as equivalent one-mass systems. In practice, the | 
mass ofa ‘structure is seldom uniformly distributed over all its levels. ; 
this study, however, only structures in which the mass distribution is es- 

‘sentially uniform will be considered, 


_ Since the response, or the maximum m base shear, due to a given earthquake 
Pope upon the deflected configuration of the system, , structures of 7 kind 


) Shear- -deflection type 
Moment-deflection type 


(3) Intermediate type” 


1959 S$T28 st: 
[02 
$4 
i 
4 
4 
>.” 


-ASEISMIC | DESIGN» 


VERTICAL. OF FUNCTION FCS 


SPONE E 


AL DAMPING 


I-A, 
FOR I- 


Bee OR I-A 


i 


5 viem | 


Recorded Response se for 14 1-A, and 1- Cc (T= 0. sec) 


— 


—— 
D=COEFFICI! 
«! 
7 


00) 


D(E)=2. 2516) 


| | | | | 
— 
— 
a 
— 


ASEISMIC DESIGN 


| GREET 

“Fig. € and 11-6 (T= 


0° 


0 


0° 


NNN 


. 


' 


FBO 


00°2 2° 


ANNAN 


‘ 


ry, 


00° 2°S2 

29°0 

"OL 


' ' 
rr 


ooo 


' 
an 


{Or 


' 


rr 


ese 


HHH NNN HNN NH HW 


AAA 


9 

9 

9 
‘9 

"6 

9 

9 

9 


' 


$ 


cal 
ONIdWva 


cm 


90 Februaggy 1959 pra 
| 

im 

bial | | 

| 
— 


ASEISMIC DESIGN 


Typical shear- deflection structures are multi- story buildings with hinged 


and cross- -bracings, with h or without masonry walls (mill, office and 
| is service buildings; power, boiler and cast houses, docks, and warehouses). a 

Typical moment- -deflection structures are multi- story buildings with 
moment connections, chimneys, slender vertical vessels, ‘stand pipes, blast blast 
furnaces andthe like, 
itien Intermediate structures are combinations of the aon two types, including 

_ the pedestals supporting heavy equipment (motor- and and turbo- generators, a 
compressors, kilns, bins, and storage tanks). 
= system under consideration has many degrees of freedom, and its Ss 


structures will vibrate in different modes. However, the analysis ¢ of such “oa 

system may be ‘simplified by studying the fundamental mode only, which will 
_ provide the maximum base shear. Although maximum stresses at higher _ 

= of the structure a are usually induced by higher 1 modes, these stresses m 


from the fundamental mode. (11) 


Responses of undamped two-mass and three-mass" ‘structures respectively 


have been obtained by means of the | analog computer. . Figs. 9 and 10 show the - 


results of the structures analyzed. 
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Fig. 


‘Recorded Response of Undamped System 
Although response spectra | for these limited-degrees-of- 
- structures can be established, a . general spectrum which will furnish the par- 
_ ticular seismic coefficient for any -freedom or equivalent one- mass 


J, dy 
bi 


The of the n of the structure ma may approximated 
from the curve Z(y) = = Z1 cos gy for the fundamental mode of vibration (Z . 
denotes the ma: Similarly one substitutes 2(y) = for 


| 
hear for the equivalent mass system was established by Prof.M.P. 
White. (26) system was established by Prof.M.P. 
_ e. _ The following general formula is readily ob nas : 
4 
; | 
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values of the system arising from. combinations ns of shear 


moment deflections can be approximated | similarly by assuming a reasonable 
- mode shape of the structure. _ However, since the actual percentages of de- 
flections induced by shears moments cannot be predicted, and since an 
actual | multiple- story structure will vary from the idealized structure, an 
average value of the shear add moment- ~deGection cases ani be chosen as a 
_ represen tive value for this system, 


1. EARTHQUAKE OF EL 
MAY 1B, 1940 N-S 


SYSTEM 
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= SPRING CONSTANT OF — 
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ACCELERATION QUE 
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Spectra for Damped 
One-Mass System 
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‘ig, 
Se 


Accordingly, the response spectra for { the equivalent one-mass system ua 
established as shown in Fig. | 
Interpretation of Analysis 


4 (1) For | a silidei heli the maximum base shear of a structure varies 
according to its rigidity or fundamental period. Ifa damping ee 
n=0. 10 is selected as the standard for all | structures, then the absolut 
maximum base shear amounts to 0.67W for the one-mass system, and 
0.47W for the equivalent one-mass system; these maximum eon are 
generated in structures with a fundamental period of T = 0.45 sec. , 


wa would be noted that these results were obtained through use of a forcing! ; 


function equal to the maximum ground acceleration recorded so far. - 
(2): The critical range of the fundamental periods of structures within which 
maximum: base shears occur is approximately from 0.2 to 0.5 sec. , per 
cycle. Beyond both limits, the response diminishes and theoretically 
drops to 0 at T = 0 and T =o. 
4 (3) It may be noted in Figs. 4, 5, and 6 that the maximum deflections of 
damped structures immediately follow the maximum strokes in the © 
-— foreing function. In other words, the same results, approximately, 
could have been obtained if only the first few seconds of the forcing vf 
function had been introduced. However, in case of undamped structures, 
_ the response continues to build up as long as the asteainal is in motion. 
(4) From the recorded response of two- and three- -story steneteres, (Figs. 
omg and 10), it may be observed that for uniform structures, the induced 


transient vibration is dominated by the fundamental mode. a 


4 


6) If a given mass is distributed uniformly along the height of a a structure 
of constant rigidity, the induced maximum base shear is reduced. _ The 
amount of reduction is greater for a moment- -deflection type structure 
' than that for a shear-deflection type. Assuming the deflection is 50 per| 

i cent due to warped and 50 per cent due to shear, the base shear for - conti 


of this particular earthquake i is about 2.71 fps for n = 0.20, whereas the corre- 
_ sponding average value of 14 strong-motion earthquakes is approximately © ~~ 


% (N-S COMPONENT) OF EL CENTRO ACCE LEROGRAM- 


RESPONSE SPECTRUM BASED ON 50 


io these conclusions, it is apparent that the maximum base shear is + 


FACTOR n = 0 10 CRITICAL) 


1QAN (NAMDI 


asAvyvr Q2Q 


4 .31 fps. The ratio of the latter to the former is about 0.483. In other | words, | . 


50 per cent of the spectral values obtained in this study represent the approxi- 


mate average response ¢ of 14 major shocks for structures located in the active 
__ The response spectra have been modified accordingly. Fig. 12 shows the 
- - final shape of the spectrum for Zone 3, and the adjusted curve assumes the 


seismic coefficient spectrums for a one- mass ‘The 


— 
| 
| 
ol that ior the one-mass system 
+++ Recommendation of Design Seismic Coefficients (24) 
ig 
‘This can be explained by the fact that the forcing function selected was too 
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The standard easateien for the equivalent one- mass system is 1 is also plotted, 
"based on the reasoning used in Point 5 of the general conclusions. 


The response spectra for Zones 2 and 1 are also established following the 
“same concept as that used in the Uniform Building Code. (7) A c-value for — 
- Zone 2 and Zone 1 is equal to 0.5 and 0. 25, respectively, o of that for Zone : 3. | 
‘Figs. 13 and 14 show the final form of the proposed curves. es. oa "| 


_ For comparison, values of seismic coefficients for various structures 


The design procedure for any st structure sel of four st steps:( (25) 


‘Step 1 Determination the period, Formulas: for de- 
: soemiaing the period of structures are given in Appendix B. B. 


Step 20 ‘Determination of the lateral force coefficient, 


Step 3 Computation of the total lateral shear applied to the 


} Distribution of this total shear along the of structure, 


(1) s Structures A and B in Fig. 1 


Step 1 Using the method of virtual work, the total elastic deformation 
— 4 (4) at level AB due to inertia load acting horizontally is 0. “a 
in. 39, 000 ir in. for Structures A and B the 


c = 0.20 for 
(Corresponding values for 7 Zone or Zone 1 


from: Fig. 13 or Fig. 14, _ respectively.) a 
3 V= cW = 0.25 x 100,000 = 25,000 lb for 
0.10x 375,000 = 37,500 Ib for Structure 
Step 4 The total “shear is applied at the center of gravity of the inertia 
(2) Building C in in Fig. 15 
Lateral seismic force may be determined for t the preliminary. design of 
a one-story building of given height, width and inertia load as follows: if 


1 Here - 632/20 = = 200 
By Eq. B- pag 1.00 sec. ot 


4 The total | shear is is applied at roof AB. 
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_ Table A-1 COMPUTATION OF PERIOD FOR STRUCTURES A a 

STRESS, ‘s AREA, 


000° 

#141, 400 

[SL u/AE = = 0. 829 in. 


+447, 000 


/-590, 000 -1.58 


17. 58 “40 60 s sec 


-894, 000 53 2.38 
49 be 20 
= ESL u/AE = 39.00 


NOTES: 1. E = 30x 10° Ib/in? (steel) 
Bracings assumed to take tension only 


3. F = Approximate period computed based on the approx. 
Caused by the strains in the members only. * 


Design of One- Mass 


Step 1 Referring to Fig. 16 and Eq. B-3 of Appendix B Pr 
-785( 100 x 


ig. 12 gives = 0. 18 
=6.600lb, 
step 4 vi order to take care of the maximum stresses due to higher — 
modes properly, the total shear should be distributed along the ; 
height Hence, the shear at the top of the structure 
should be 
= - 6600/4 ;3200/100 = 132 Ib/tt., 
2 
‘shear at bottom = 0 


e E-—Flared Stack 


By conjugate beam method, the structural deflection due to iner- 
tial loads acting horizontally is obtained as shown in Fig. 16B. 


Using Eq. B-4 of Appendix B, the period T can be evaluated as 
follows: 


— 
Bo 
t 
; 
ye 
— 
(2) st 


‘ucture. 
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‘ig. 16B. 
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DESIGN: 


=107,0001N * 


q 
360% 


te ) STRUCTURE “t 


= 0. 22, sec 

‘Step 2 lower curve of ‘Fig. 12 gives c = 0. 18 for Zone 


Step 4 For the structure ae consideration and other similar multi- 


story structures, the total lateral force V should be » distributed 


over rnd ‘ay of the srecture in accordance with the following 


_ 
TL] 
] Fig. 16 Equivalent One-Mass Structures q 
higher 
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A 


1959 


= lateral 1 force applied to any —" - 

= = the castes load, , dead load plus percentage 

ae of a ae, if any, at any tributary to the 


hy = height in n feet of level i above the base 


Ww; hy = = summation of the ieierenals of all V Wj jhj fort the 


structure 
“Accordingly, the following ‘result is 
Product ‘Fraction 


ig : 


‘57, 960 9.1182 

69. 300 0.1413 

58,420 0.1191 

71,120 0.1452, 

"820 0.1709 

96. 520 0. 1968 

53,190 0.1085 

= 

10862 490, 330 1. 0000 


Fig. 16 shows the final shear 


simple ‘formulas are compiled below for evaluating | fundamental 


st 


where = undamped f fundamental period in | seconds 


re = horizontal deflection in inches 2 - the cen eoutvent of total inertia load 


For buildings with masonry values may be had by the 
approach originated by the Joint Committee* 


Wher 


Where H - height of ‘building hie 


width of building in the direction considered 


“vous Committee(17) recommends T=0. 05H/yb, which seems conserva 


tive when applied to the curves proposed inthis paper. 
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uniform cantilever structures 


1785 
L height of structure 


s 


mass per unit height 


ere IW, - = > summation of distributed inertia load at ith level above the base a 
7 ‘© = = horisontal deflection in inches 3 at jth level due to system of of 


loads 2W;, acting horizontally, 
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SYNOPSIS 


It enables the engi- 
a knowledge of Hardy C Cross’ moment distribution and 
_ of conventional graphic statics—to solve complicated plane rigid frames in- 7 
_ volving any number of sways not only for moments, but also (and © (and simultane 
a The procedure is as close as practicable self checking, i.e. almost every J 


step throughout the operations can be checked and an error detected before - 


that there is no doubt left as to the. degree of accuracy the solution 
The paper deals also w ith the ition of the of independent 
modesaframe possesses, 


As the checking procedure forms an important part of the computations, 
notes pertaining to it are . given in Appendix A. . In Appendix B the advantage ~ 
of graphic statics as compared with algebraic methods is shown in mathe- ee 


matical terms. Appendix C C proves a formula, given earlier in the paper. 


INTRODUCTION 
7 _ The great advantage of moment distribution is apparent, pastiontasty in 
cases of highly statically indeterminate structures, because the | degree of 
‘such indeterminacy is irrelevant. The limitations of moment distribution, 
however, will be appreciated by the fact, that for frames involving n inde- 
pendent side side sways (n + 1) moment distributions have to be performed and <a 


Note: Discussion open ‘until July 1, 1959. To extend the closing date one month, bb. = 4 ail 


_ written request must be filed with the Executive Secretary, ASCE. Paper 1943 is 
part of the copyrighted Journal of the Structural Division, Proceedings of a 
American Society of | Civil Engineers, Vol. . 85, No. ST 2, February, 1959. 135 


Lecturer N.S.W. Univ. of Technology, Sydney, Australia. 
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7 “moment distribution is not capable of checking either the correctness of the 5 
a - introduced fixed end moments, or the consistency of the initial sets of wey 
‘These suites aaibaiitiiien to the fact, that there still exists a tendency to de- 
sign beams and columns with assumed degrees of fixations, rather than to” _ 
_ design the rigid frame as a whole. It is true also, that for complex frames | 
involving side sway, there is no easy way to prove conclusively any results — 
obtained, even when deformation due to flexure only is considered. _ res 
"ae only comprehensive flexure check available, is the Mohr moment area 
procedure, which checks the complete set of final moments independent of 
the sway or fixed-end moments introduced. However, as the required number 
a of such independent Mohr checks is equal to the degree of statical indetermin- 
acy, it becomes cumbersome and liable to introduce new errors. At its best, _~ 
_ it will verify the solution for the moments obtained, but if it fails—and the 4 
solution is incorrect—it only confirms this fact, without in any way helping to | 
locate the error (or errors). 
if a rary were obtained by | slope deflection—or by a any ny other 1 method ba 7 


- location of an even obvi ious , mistake, will present 2 a still greater task. raat 
_ The introduction of moment distribution into the design office did not es- 
sentially alter this situation, because for frames involving sways, a number © 
of individually conditioned algebraic equations had still to be set up. Although 
the actual moment distribution computations have self checking properties, | 
the overall results were not capable of being checked by it. eanbhe ercokcnl 
Px The ay application of final Mohr checks, as described above, in fact, duplicate 
some of the work done, if the moment distributions had already be been checked | 


y “farther application of “statics”. Al quantities ine found, would of course be 
7 incorrect, if the set of final moments were not the only possible correct one, 
anda mistake in the application of “statics”—particularly in cases of complex 
etn, -might also easily pass unnoticed, again with the result of an incorrect 
es The higher the statical indeterminacy, the more imperative it seems there- 
fore, to have a simple and reliable checking procedure incorporating the ad-— 
vantages of Mohr’s method, which, at the same time, would extend toall 
computations including axial forces, shears and reactions. There are, as it 
seems, such methods described the available literature, 
that the consistency of impressed sway moments or of fixed-end moments — 
cannot b be checked by it. This is due to the fact, that these quantities repre- 
- sent part of the loads introduced. _No check by statics will therefore be ai 
_ ble of revealing an error of that type. _ However, if careful checks are ap- 
plied*** | to introduce these initial moment s correctly, an overall check by 


Prof. Morris’ method (see ref. 13, 66 and 144). 

 **See (2 ) Appendix A. 

(3) and ( (4) 
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an n elimination of errors is impossible, ‘much valuable time can 
be saved by the adoption of a process, whereby errors can systematically and 
_ The method described in the following pages, aims at eliminating sources 
of errors by minimizing the individually conditioned operations, or the setting 
up: of algebraic equations. — Its main advantage perhaps lies in the fact, that - 
_ most of its steps are capable of being checked when they are first applied, al 


this “closes” , and hen as stated* were 
satisfied, all computations including axial and shear forces, reactions and 
must necessarily be correct. If it does not “close”, the fewun-  — 
_ checked operations must contain the error (or errors), and it will make the © 
_ task of locating and correcting them much easier. There is now no necessity 
to apply separate Mohr moment area checks for a verification of the results 
Generally, two different approaches | to o the sway problem i in rigid frames a 
can be traced in the literature. One as described by Matheson** aims at es- 
: tablishing | sets of algebraic. equations, called sway and deformation equations, 
_ without introducing the concept of imaginary supports, the other, as advocated 
for instance by Kinney,*** sets up individual equations, but evaluates re- — 
actions at imaginary supports. Both approaches introduce “ “cuts”—individual- 
_ ly chosen— for establishing equilibrium npentione on the various created “free 


ed. 


_ These procedures, however, would be different for | every frame, and in 
any case, they would require a thorough understanding of the theory involv 
_ Even in the hands of experts, these procedures tend to introduce mistakes. 

If one equation only were set up incorrectly, ; any result obtained would of _ woe 
course be incorrect. Such error would however—at its best—be apparent only 
after a tedious solution and check had been performed. ‘To lo locate the error —  e 
would be a rather difficult task. 

The method described in this paper ‘also makes use of cuts, but all sites 
a bodies” here are formed by the joints. For any moment distribution carried 

out, the sum of moments at any joint equals zero . As neither multiples of — 

sets of end moments nor the summation of such multiples, alters the — 
al equilibrium at any joint, two remaining equilibrium conditions only have to 
be ‘satisfied there. A Maxwell diagram will therefore take care of all statics _ 

; for every case. As it extends over the whole frame, the Maxwell diagram will 
be found superior to the methods dealing with only a limited number of indi- 
-_vidually chosen free bodies. Further, the combination of Maxwell diagram 
_and moment distribution seems ideal, because, while the lack in el 
accuracy of graphic statics is hardly a disadvantage | here, its aeccumaee ee 
simplicity and speed are definite advantages. 
In the following pages, a short exposition regarding moment distribetion of 
rigid frames subject to side sway is given, and subsequently, the method us- 
ing moment distribution combined with graphic | statics is developed. ‘This — . 

procedure is then explained with reference to two worked lati <i a 


| 
1 to 4 Appendix A. 
***Ref. (8). 
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‘It has been stated distribution undoubtedly has 
the greatest ‘advance in structural analysis during the last decades. 
this paper does no more than to give added confidence in the use of moment 
distribution in complex cases of frames involving sway, it has achieved its 
intended purpose. It is anticipated, however, that the adoption of the method - 
described, can have economic aspects, both with regards to the — all 

highly manpower as well as materials. 


Methods 


The number of side sways (n), a equals the 
degree of freedom of the frame when looked upon as pin jointed, and it can be 
ae by | establishing the minimum number of imaginary additional bars , 
necessary to make the “pin jointed frame”* stable (and statically determi-- 


_ ‘Thus, the frames illustrated in the ‘Figs. 1 to 4 have e consecutively n = 1, 2, 
3 and 4 independent modes of side sway, which in every y case is in accordance > 
with the number of imaginary additional bars (shown dotted). 
solution by moment distribution is relatively simple, ifn “sub- 
_ structures” can be “created” by applying n imaginary cuts a -a, p= - b, etc., 
ns each of which cuts parallel or concurrent bars only. eee, — a 
_ Referring to Fig. 5, it can be seen, that two such parallel bar sub- ~ 
structures can be created. The shears at A, D, B and C are calculated from. om 


“the actual end moments MAB etc. in respective members and, if applicable, | 
from the actual loads acting on members. Thus: 


where etc. ‘shear forces due to the loads acting on the re- 
spective Simply supported members ofthe frame. | 


Resolving forces in directions to the cuts for each 
8 ructure, we obtain n equilibrium equations, 


nt 


the above equations etc. represent components of all 
in direction -a and b - b es the free 


| *Frame to exc. bs exclude members, which on the rigid frame can be determined b by 


al 
= 
Vibe 
Bee 
= present actual end moments in respective members of 
a 
a 


RIGID FRAMES: 


gs 


Zz 


— 

q 


etc. obtained as a ‘result of moment distribution due to 1 loads only (no sway), 
and ofa fraction or multiple (K) of moments m’ 


»Mpa, map» Mm 
_ etc., obtained as a result of moment distributions duet to the various inde- 
pendent side sways. . Thus: 


Mas 


the Various inde- 


line of Eqs. (3) will have (n + 1) 


terms. if the expressions 
(3) are combined with (1) and (2), as many linear equations in Ki, ee 


etc. will result, as the frame possesses independent side e sways. ‘~ From these 
the coefficients K,, Ko etc. are » readily obtained. 


_ The actual Moments Map etc., as well as the actual shears Sap etc. can 
now be calculated from (3) and 
_ If the bars in the above referred imaginary cuts were not parallel, 7 


equilibrium equations corresponding to (2) would contain components of axial 
forces. _ Thus for cuta-a along the hase base of frame Fig. 2 (see also desea 2a) 


ee the subscript a expresses the fact that the force component in direction 


a-ais considered, It can be shown (see Appendix of that: a... 


on n the p pin jointed frame only ob 


end moments due to sway and 
moments due to sway 
‘a 


geometry of structure, and Meg, med etc., are moments as be- 
fore. Provided these constants could be evaluated, Eqs. (2a) would again — 
the n linear equations in to 
ij _ On the other hand, by taking moments about a common intersection point X 
of the cut members, an equilibrium equations, which will not contain axial 
a forces, will be obtained for each of the n sub- structures. ae 


if 
win” 
{ 
| 
| 
where the tour terms on the rig and side of the equation represent consecu- 
— 


‘where Fa Fd represents t the sum of all external esiisiaaii ‘about X, ‘and AB etc, 
are the lengths AB etc. Otherwise, the nomenclature is the same as before. 
=a if the moments M are expressed by Eq. (3), the above Eq. (2b) will become 
a linear expression in Kj, Kg, and generally for n such cuts, a number ct 
equations equal to the n independent sways will result ‘i eh ire 
. Frames as referred to above could therefore be solved without first evalu- — 
ay. ating any axial forces, and without the concept of imaginary support s and re- 
pressions actions. For a more general case of a rigid frame however, the approach © 
becomes impracticable, without evaluating at least some of the axial forces 
om these! in the process of the analysis (see ref. 8 page 422). 
1 - In the method by Matheson (see ref. 4) scores of individually aan 
etc. ic ne ¢ 
7 These would have to be . prepared very very carefully indeed, asa ‘mistake ina 
a a | _ sway equation, for instance, could not be discovered by substituting the final — 
axi moments obtained back into the Sway equations. _ Thus, it might easily happen, 
tat a correct algebraic solution was found for the wrong sway equations, ott 
_ giving the designer an erroneous and dangerous conclusion. = 
Fortunately, there is. no need to evaluate algebraically any of such complex 
porns or to set | up | sway equations, if the problem is approached in a 
different manner. _ This latter approach will now be discussed. It will be seen 
a by | its use, any iit rigid frame can be solved almost —— 
yo 
By on the frame, in suitable pos positions, as many ima 
roller supports* as there are independent sway modes, the frame will be pre-_ 
vented from swaying. In the case of one initial arbitrary sway displacement, _ 
by the use of these imaginary roller supports, no further ee will be 
| = The frame, which is now loaded by either the given loads or by an intro-— 
Gun displacement in accordance with the assumed side Sway under consider- 
ation, will—after relaxation (rotation) of all joints—take up an equilibrium _ 
joint must, then, be in actions 
it will be (see Fig. 6 a* aye =" 
(1) Moments adding up » te zero, 
(2) Forces Li, Le etc. due to loads L on those bars — ee the joint. 
ishere assumed zero) = 


_ (3) Shears due to the end moments on all bars meeting at the joint 
(4) Axial forces and (where applicable) reactions. _ 


-*Direction of roller bed is arbitrary, excluding some critical ¢ cases. 


a 
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sway), 
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+ + Mag Fd — 
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| = 
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ion point X 
n axial 


sway), | 
(b) Moments resulting from due toa particular sway 


sw way displacement, 


Shears 


ears (3a, 3b), etc. are obtained by dividing the algebraic sum ofthe _ 
‘distributed end moments by the length of the bar in question. Thus there will 
be at each joint from (2) and from (3a), (3b), (3c), etc. in each case, a result- 
ing force R with known components R, and R q 
Now, for each joint there could be written two equations of equilibrium. if 
_j is the number of joints- —not counting fixation | joints—and n is the number of 
7 independent -sidesways, in accordance with the rule laid down earlier, there 
will be 2j - n bars in the frame (also 2j - n unknown axial forces), and ey 
> imaginary reactions at the assumed points preventing sway. 


oe The number of unknown forces’ 2j - -n +n equals therefore the number of 


- equations which can be written. ~ Consequently, the frame with its imaginary 
— supports « can | be treated 1 like a ‘statically determinate pin jointed truss, and 4 
- for each set of forces according to (2), (3a), (3b), etc., a Maxwell diagram* ZW 
-- can be drawn giving at once all axial forces and reactions (at the imaginary q 
_ roller supports) for each of the e loading conditions referred to above. yer 
~ As the frame has in fact no roller supports 5 preventing sways, the magni-_ 
‘ tude of each independent (and arbitrary chosen) side sway has to be modified 
in such a manner, that upon adding up of the several reactions at each see 
4 nary fixation point— —due to the various loadings— -such sums will equal zero. 
From this condition the coefficients Kj, Kg etc. are determined, as there ~ 


4 


is the at roller 1 due to 


is reaction at roller support 1 due to sway 


From Eqs. (5) all K values can be calculated. — Then, with 1 the notation as in 


Eq. (3), the moment in any bar, say bar CD, will be 

some cases special proce 


dures for inst. virtual displacements have tc 
be used, before a force plan < can be drawn. 


ia 
brua ‘ 
ee co — The forces under (2) are easily evaluated, as they represent the negative | 
— reactions, if the joints were considered “pin jointed” (Ly and L3 in Fig. 6). 
ii “The shears under (3) can be subdivided into those produced by : 
— 
— 
om 
4 
— 
— 
: ag Oads acting on the “pin jointed irame” plus 
forces due to moment distribution for “no side sway” and, for 
— 
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agg i is the axial | force i in bar CD due to loads on the 

at, is the axial force in bar CD due to end moments: frowns sway 1, 


q is the axial force in bar cD due to end moments from sway 2 


pin 1 jointed frame, and 


4a). * "The shears can be calculated as > 


can be calculated using Eqs. (3a) and ( 


ca These results, however, , would require to be verified before they c could be 7 
relied upon. The set of moments Mcp etc., , could be checked by the appli- 

cation of an appropriate number of independent Mohr checks. However, if one — 
of these only | should happen not to be satisfied, neither the moments nor 
shears and axial forces, as found earlier, could be relied | upon, and the lice ac- 


ing of an could b be difficult. 


The F Final Maxwell Diagram as 


As an alternative to the p procedure. just outlined, we can with advantage use 
Eq. (3a) only, and so establish a complete set of final moments. If from _ 
these, all shears are determined, and the forces acting on the joints (from 


the given loading) are added where applicable, a set joint forces will 
‘If the set of final moments is to be the only correct one applying to the 
frame and its loading, the final set of joint forces obtained must also be . Sh ie 
correct. Consequently, a consistent final Maxwell 5 plan : must result with all _ 
reactions at imaginary supports equal to zero. 

it The final Maxwell plan, therefore not only produces all axial forces (as : an dies: 
alternative to using Eqs. (4a)), but it provides also a decisive final check for = 
the degree of accuracy of the whole computation. - ‘This is true in particular, — _— 
as geometric checks—taking into account the physical properties of the bars—_— 
were already applied with the individual moment distribution computations - 
‘The method described, can equally be applied to frames defined with refer-— im 
ence * Fig. 5. Although the analytical methods might be more direct in this - 
case, they would not provide the same sequence of checks, which formsa _ 
characteristic feature of the semi- -graphical analysis ; described here. a 
_ As a number of Maxwell plans are required for the same frame, but with 
a forces acting at the joints, the use of Bow’s notation may produce — 7 
*Compari ing Eq. 1. (4a) term by term with Eq. (4), the coefficients of Eq. _ (4) ia 
C2 etc could now easily be determined. 
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as 


sy ymbols or forces in same Unless special care is 
taken, it might be advisable to dispense with Bow’s notation in favour of a 
“system whereby the members are denoted AB, , BC, CD, ete., , with A, B, C ete, 
‘The method will be illustrated with reference to (A) a ‘adie tn er frame 
loaded with a horizontal concentrated force, and (B) to a complex cantelever > 
type | frame,* ninefold statically ir indeterminate, loaded by a series of concen- — 
trated fosces and distributed loading ; as shown (see Figs. Ta : and 7b). 
- In the following problems, the sign convention as under will be used: | - 
clockwise Moments on ends of bars are positive, and shears are positive if 
an imaginary roller between the cut faces of a bar would rotate clockwise. ' 


Portal Frame with Side Load & 
The frame loaded as illustrated in oe Al is not subject to fixed end 


ee. the deformations being due to sidesway only. re The moment distri- 
bution for sidesway is carried out in Fig. A2, where due to symmetry, instead | 
_of writing “+1” for sway moments at both columns tops, the left hand fixed- | 
_ end moment only is considered and the final results are obtained by super- 
“position with appropriate values from the right hand side of the table. “— ’ 


exact is obtained (see computation is checked as 


as the ata a1 are proportional to > the: total change in moment 

_ the near side less one half of the total change | in ‘moment at the far side ofa 

prismatic member divided by its stiffness. 
" _ The shears are calculated and applied on the joints as external forces. oly 

Subsequently, a Maxwell diagram is drawn, assuming an imaginary roller 

support— —taking horizontal thrust — -at point Cc (see Figs. A3 and A4). The re- 


= at the imaginary support is found to be R = OP = 28. The coefficient K 


; using Eqs. (3a), ‘the: 1 


real mo moments are 


BO= +145; 

-*Dimensions and loads were applied from the ass 
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2 acting « on n the as s shown in Fig. A5. The final Maxwell diagram 
(Fig. A6) gives all axial forces and shows the reaction at the imaginary sup-_ 
port OP to be zero. _ The solution is therefore correct. ‘Had an error oc- 
curred for example in one of the above shear computations, so that the © 
_ equation for K would have been incorrect, or if for instance one ofthe 
€ equations (3a) were set up incorrectly, the final Maxwell diagram would no! not t 


~ close” : In Figs. A6 a and b, it is assumed that an erroneous value say 


(instead of K = 9 3a) were in the determination of | the final set of 


"moments. The at C or OP in Fig. A6 b 5 zero, 
"consequently the cannot be correct. 


} simple frames as well as to complex ones. 
* 


The plane rigid with shown in Fig. BI is 


B. Complex Rigid Fram — iene 


to be analysed by the method described. — 

The loads on the joints, as produced by the given loading on the f pin jointed 
"frame were first calculated and the results entered in Fig. B2. Fig. B3shows | 
the stiffness and distribution factors applying to the various 1 members| of ai 
frame. | The tables (Fig. B4) show values for the simply supported ‘moment 7 

diagrams, while Fig. BS shows the computation of the fixed End Moments for : 
the three loaded spans. These must be | checked (see 3, Appendix A). i - 

‘Using these fixed-end moments, the moment distribution due to loading 
_ only (no sway) was carried out yielding the end-moments as shown in Fig. ~~ 


_ Compatible sway moment sets were then determined in the conventional ey 


-manner for the two sway modes with imaginary horizontal restraints at points | = 
DandE. (Figs. BJ aandB9), 
‘The results of sway 1 were checked by the method as explained in point - 
of Appendix A (see Fig. B7 b). _ Subsequently the two sway moment distri- | 
butions were carried out. _ Figs. B8 and B10 show the sets of moments before 7 
and after balancing only. The joint forces were then determined. _ All moment 

| distributions were checked for equal rotation at joints (see Table Fig. B11).* i ; 
-*Strictly, as there are 8 bars, 16 angular rotations would have to be checked i. 


for each moment distribution, to 16- required independent 
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: “The joint eos diagrams arrived at by using sets of end moments, accord- 
ing to the three moment distributions, are shown in Figs. B12 to B14, , while — 
7 Fig. B15 to B18 show the Maxwell diagrams applying to the statically determi- > 
4 nate pin-jointed frame with assumed imaginary roller supports for horizontal - 

thrusts at points D and E of the frame. 

_-- The reactions at these imaginary supports, as found graphically by the 

Maxwell diagrams, provide the coefficients in the two simultaneous linear 
in Ky and Kg as follows: 


106; e164 


- Note that the determination of the coefficients « “16” and “80”, could have 
_ been carried out, using one Maxwell diagram only. yl eee 
‘ _ The problem could now ow be regarded solved ,» as the moments, shears and 
7 axial forces would readily be obtained using Eqs. (3a) and (4a) as described — 
before. However, the following computations are devised to give the same re- 
— “Sults, and to represent at the same time a complete check for all these quanti- 


' The establishment of the final sets of moments and joint forces is sho 
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AS by the distrib. End Moments. on Bars 


rom Plan 


forces from Fig. B19 and those due to loads (Fig. B2). It shows all axial © ‘: 
forces to ow and the imaginary pagehanne are found to be negligible ol 


- ad The final bending moment diagram is shown in Fig. Bal, where the ordi- 
nates appear on the tension side o the members. ‘Fig. B22 shows the axial 


In Fig. B23, it is assumed that one concentrated force P only acts on an © 
“inclined bar AB. ‘The difference in magnitude of the axial forces a at cuts 1 and 


— 

—NRR. 

H 

— 
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‘Check DH=92:5+38 
(—166- -50- 5+735 


From Maxwell ll Plan: 


| diagram, would a require to be increased between A and force Pp a? 7 
| acorrection AA, while between B and force P, it would have to be decreased 
oe by an appropriate amount. _ corrections are — from the two con- 
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: take the | place of P in the os acting insten ay and as being the distances to its 
of action from A and B respectively. 
. = average axial forces, as obtained from the Maxwell plan Fig. E B20, if 
4 have -—— to be e corrected a as follows: : for bar GC: ee 


Review of Recommended Procedure 


+ Determine the number of independent side sways (n) 


) Establish joint forces due to loading we 
Locate n imaginary as follows: 
a b 
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FIG. B 23 
— Reg sgarding the rigid frame as pin jointed, and starting ata joint where > 
> “only 2 unknown bar stresses exist, investigate a suitable sequence of 
_ joints by which a Maxwell diagram could be arrived at.* It willbe | 


found necessary to introduce a total ofn imaginary reactions at some 


(5) Imagining one restraint temporarily displaced, (without rotation of | 
joint) establish a set of sway moments. Repeat for other restraints. 
will yield all compatible sets of Check according 
(6) Apply (n + 1) moment distributions. with initial moments according to 
= (4) and y and check all end moments by rotation checks. (see 2 Ap- 
1) Divide the algebraic sum of end moments by the length for each bar, 
and apply force couples at joints perpendicular to the bar (sense of ro- 
tation same as that of algebraic sum of end moments.) | ; q 
Combine joint forces due ‘to (2) and 
(9) Draw n + 1 Maxwell diagrams and find restraints at all supports. Thee 
__ will yield the coefficients for the n simultaneous equations. = © 
(10) Solve n linear r equations for Ky, Kg etc. and check by substitution. J 
(11) Determine the final end ponder. te for all bars by superposition accord- 
_— ing to Eq. (3) and establish a final set of _ forces (inclusive of joint 
(12) Draw final Maxwell diagram a and scale all oie forces and reactions. 


(The reactions at supports should be zero). 


— In order t to —— the time required for any analytical investigation, it is 
i justified to first make an analysis of all possible checks and note their in- 
_ herent limitations. A systematic p process of checking should then be es- 
and followed throughout the computations. 
The observation of the following notes on checks is therefore ‘recommend- 
ed, as without an effective system, it is very difficult to locate an error, even 


|  . 
— -termines the imaginary supports 
= 
} 


1) There be ce contain: data for which no 10 checking em applies 

Given dimensions, loads, cross sections, , stiffness, etc.). Particular 
- care must be taken to introduce these correctly. Stiffness and distri- 7 
‘bution factors should be written into the moment distribution tables in 
one operation (using for instance carbon paper). This will avoid errors 7 

“ in using wrong coefficients in the various moment distributions. ea 

(2) The moment distribution provides a rotation check, i.e. where 

meet, the angular rotations of all members must be the same. _Similar- i 

ly, as changes in lengths are not taken into consideration, certain de- 


flections will have to be equal for geometric reasons. These checks — 


- @ Fixed end moments due to any loading can be checked by the re- Eis 
* .] quirement, that the free moment area must equal the area formed b by 
the bar and the fixed-end moments. This, however, is not conclusive — 
£ unless the center of gravity ag both these en lie on the same 1 
The arbitrary chosen pair of sway moments on ‘a member will cause e 
a certain end moments on the other bars, consistent with the geometry ; 
of each side sway mode. The ratios for a set of such compatible 7 
. moments, which should be worked out with great care, will depend on 
_ the ratios of respective deflections, stiffnesses and inversely on the — 
° ‘ratios of lengths. They can be determined with the use of a Williot | an 
diagram. _A check can be made by regarding the pin jointed structure 
, 4 4s a mechanism, for which the instantaneous angular velocities a. 
each bar are determined using the concept of instantaneous centre 


4 The set of wg rs moments then equals the set of | products ¢ of : 


(5) The of the shears ‘moments does not provide a an 
; eg immediate check and should be done with great care. A mistake in | 
_ these simple steps could not be discovered until the iad i end of the © 


) - @ Each Maxwell diagram | provides a check in itself. In cases of “side 


is. 


; then and “no side sway”, all forces on joints appear in pairs (couples). — 


The reactions, and the shears and axial forces at fixation points should = 


In the case of the Maxwell diagram for “given loads on joints”, these 
d 


together with all reactions should add up to zero. + These checks are 


-mecessary but not conclusive, 


(7) The equations for Kj, Kg etc. will give consistent values for Ky, Ko 
_ ete., even if an error should have occurred in (5). The K values might — "7 


¥ 
(8) If an error should have occurred in (5) or in the superposition of ee, 


_ moments according to Eq. (3a) or in the subsequent shear determination 
from final end moments, the final Maxwell diagram will not be con- © 
a i.e. there will result ult reactions not equal to zero at ne \ 
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aah If, on the other hand, “such reactions vanish in the final Maxwell plan, or 
if they are negligible, the computations are correct or near correct to such © 
of incorrections, as the deviations are different from zero. This" 


Sway Moments for. Bent ABCD (Fig. AP1) To Be Determined 
_ A compatible set of sway moments can be obtained without displacing any 
- joint, using the concept of instantaneous centre. A compatible and possible | 
set of velocities is given to the joints, the frame being looked upon as pin 
_ jointed (see Fig. -AP1). Velocity of B is assumed; it is possible only in the — 
‘direction shown. of C is then in direction L to CD and as the 


centre (LC.) for BC is at , its 's magnitude is is 


As Vp is the inst. velocity of B, , its displacement in time dt would be dsp 


and that of Cwouldbedse 


_ The moments set up in a bar fixed at each end when their relative | lateral - 
is changed by ds is given by (see Fig. AP2) 


be 
= 
| 
SH q 
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= The ratio of any 
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. The set of compatible moments for a sidesway (2 equal moments for each 
ar) will numerically be equal to a set of the products of instantaneous angu- 
jar velocity multiplied by the stiffness for each bar. a. - 
In the above example if if Vp is unity we have: 


| 


Advantage of Use of Steieet Diagrams 
The advantage of using Maxwell diagrams can be appreciated, if it is real-_— 
ined that the Maxwell plan is in fact a solution of 2j simultaneous linear > 


equations, in which the 2j unknowns are: - n axial forces Ag 


n reactions . Ry 
equations would be of the form 


ky Av + kyArt kA A;+ 


cluding shears) acting at the joints. 
_ For the frame shown in Fig. 7b, some of the K values, i.e. Kyj9g= K3 = K4, 


would be zero, = 1, = cosa, = sin c(considering joint G), 


wee Ss 


» 
ich — 
— 
| 
— 

4 

4 

where anv of the K values on the left side of the eouations (sav Kan) are | 
— 

: 


‘Thus the system of linear equations would in case of the frame shown 
= 


Rex} 


etc. (4more equations) 
where Roy etc. are the external forces in X and 4 respectively at joint 


Ry and Rg are the imaginary reactions at D and E. 
If the algebraic procedure above, involving the solution of ten equations is 
compared with any of the simple | line configurations as shown in the illus- -_ 


_ trations of these pages, the advantage of the use of Maxwell ee: is 


APPENDIX 


‘Proof of Equations 


‘For: any one bar say BC : Fig. 5 the total axial force will be: i syle . 


Ki3 = = Kss = | fra 
Key acting at jointG 
| 
— 
— o + 6 = AgtO+O+ O=Rax | 
7 
We — | 
J _ 


where Ci Cp C3 etc. are coefficients taking into account the ge om etry of the 
frame at joints considered, 


— Med End from moment d distribution due to (no 


is End Moment from moment distribution om to ‘Sway 
is End Moment from moment distribution due to Sway 


‘square b brackets | in the Eq. a. (6) ‘above represent fi to 

_ the ends of bars concerned. The two* terms in horizontal braces in each line — 
- constitute the axial forces in member BC due to end moments from load, — 
from sway 1, and from sway 2 respectively (reading downwards). sum 

of all braced terms constitutes the axial force in member BC due to to all 

ot Each vertical brace constitutes the axial force in member BC due to \ dis- 
tributed end moments according to “loads” plus | mode 1 sway plus mode 2 _ 

sway e etc. in members CD and CE respectively. . Any one 0 of the the lines br braced 


in Eq. . (6) say line 2 can be rewritten 


m 


_ because all n Mj, 2 
or 3 could be rewritten in the same manner 


Asc = Osc + Co Mac*C k,n Mac + isc 


"plus further terms if there are more than 2 independent side sway modes. 


above equation is identical in form with Eq. (4) given earlier 


paper, 
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_ CORRELATION OF ‘PREDICTED AND OBSERVED SUSPENSION © 
_ BRIDGE BE! 
George S. Vincent,! M. ASCE and M. IABSE 


_ This paper was the basis for an ona presentation at the Joint ASCE- -IABSE | 
Meeting at the ‘New York Convention, October 1958. Joint Meeting <= 


i of the behavior to be anpectad of a suspension bridge in the wind are based — 

on(i)a possibie scale effect, and (2) the difference between the natural w wind 

7 and the wind used in the model tests. The first doubt may be discounted be- 
cause scale effects in aerodynamic studies are generally related to stream- 

— lined | flow rather than to the turbulent flow characteristic of wind about a ony 
bridge. 

fects dontinate the wind action on bridges. 

AS to the second doubt, the best indication of uniformity and other charac- 
teristics of natural wind may be obtained by a comparison of the behavior of 
suspension bridges with their behavior as predicted from model tests. The 


= The failure o of the original Tacoma Narrows ‘Senin under wind a action on on 


| November 7, 1940, placed the engineers of the Washi ton Toll Bridge 


Note: ‘Discussion open until July 1, 1959. _ To extend the closing date one sunt, a yee 
| written request must be filed with the Executive Secretary, ASCE. Paper 1944 is 
. part of the copyrighted Journal of the Structural Division, Proceedings of the 
Amerioan Society of of Civil il Engineers, Vol. 85, No. ST 2, February, 1 1959. 
1. Bridge Engr.. , Div. of Physical | Research, ‘Bureau 1 of Public R Roads, ' 


1944 
tion 
— 
— 
: 
“as 
VenaVior OF the Original LacOma Narrow rl rovida r 
«a lation with the predictions from model tests and analysis. Even more striking _ — 
the results of similar but more extensive studies of the Golden Gate 
— 
— 


_ Authority under the necessity of dsteraining thee cause of that failure and de- 
veloping a design for a structure that would be immune to such action. 

_ The broad implications of this requirement were recognized andasa re- 

> sult an Advisory Board on the Investigation of Suspension Bridges was organ-| 


ized including a large group of engineers concerned with the design of such 
_ * Structures and others familiar with the applications of aerodynamic analysis 
= research. | On the advice of this Advisory Board, the Bureau of Public © . 


} 4 / ‘Roads joined ‘with the Washington State Toll Bridge Authority, and the Uni- 
versity of Washington to support and participate inthe research, 
7 The attack on the problem further broadened through arrangements in 
: which the Bureau of Public Roads cooperated with other organizations for the 
following specific studies: Field observations on the Golden Gate Bridge with 

the Golden Gate Bridge and Highway District, (1) broad theoretical studies in- | : 

volving the services of the late Dr. Friedrich Bleich with the American Insti-} 

tute of Steel Construction(2) and both analytical studies and model tests di- 
the late C. B. McCullough with the State 


me. to be mutually supporting, each ri answers or clues to " 


ier. caused the failure of that bridge as well as its harmless, though ey 
bending oscillations during the several months period of its life. (4) The — 
studies also showed the first design proposed for the new bridge to be sus- f 
- ceptible to wind excitation and suggested means by which its weakness might 4 
py 
Essentially the favorable features of the new bridge are; first, the fact that 
the stiffening member isat truss instead of an aerodynamically less s stable - 
plate girder, second, a complete bottom lateral system is used, thereby great: 
_ increasing the torsional stiffness of the structure and third, slots are pro- 
_ vided in the roadway which reduce to insignificance the tendency of the wind 
to excite oscillation of the truss- ~stiffened structure up to any velocity that 


ty of such sections is not regarded as hopeless. In quite a number of tests . 
= of roadway ‘slots increased the oscillation | of girder-stiffened 
In all suspension bridges of litical built since the failure of the origi- 
_ nal Tacoma Narrows Bridge, truss ‘stiffening has been used and the bottom m 
lateral system has been incorpor ated notwithstanding its inhibition of some of 
the freedom of movement, displacement and stress relief inherent in sus-_ 
pension bridges without bottom lateral systems. Also, in most of these 
bridges some form of ‘slotting in the roadway deck has beenused. eebiael 
Fer moat recent structures no research on the specific design has been ~ 
— undertaken. This fact gives rise to an obligation to issue a word of warning. 
ce It has been found in tests on numerous models and configurations that the we 
7 beneficial effects of slots are by no means uniform. Moreover, even the bene- 
_ fits of the increased torsional stiffness obtainable by the use of abottom 


system vary somewhat. It is easily conceivable that these beneficial 
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"BRIDGE BEHAVIOR 

and de- design factors may some day be used in a bridge with disappointing results 


.- + unless the practice is followed of testing their effects for individual designs. "7 
sare- | There are some who accept only qualitatively the results of this research | 
s organ- and are disposed to discount the validity of the analytical and laboratory _ fe 4 j 
fsuch — methods as indications of the behavior to be expected of a particular bridge = 4 
inalysis |) in the winds to which it will be exposed. These doubts arise from two ¢ gener- 
ublic al considerations; first, there are doubts as to possible scale effects which = 
Uni- _may render the model indication inapplicable or inadequately applicable to 

Unie the behavior of the full size prototype and, second, it is pointed out that natur- 
ments in al winds vary greatly from the ideal, uniform steady winds of known rection. = 
s for the} angle of attack which are used in the laboratory. tho 


idge with These doubts certainly merit the most careful consideration and those who 
dies in- |, Taise them are entitled to all of the evidence that can be presented bearing — 

an Insti- upon these questions. Fortunately, a considerable amount of such evidence 
sts di- _ has been revealed in the various research projects that have been . completed. 
—_ qt is the purpose of this paper to call attention to this evidence. _ Ce Regt | 

ea es generally realize that th there are problems s of scale effect that 


arise in model investigations of airplane sections. _ These problems arise — 
Californiz 7 from the fact that inertial forces from the wind vary as the square of the ve- | 


: which locity while viscous or frictional forces, also acting at the same time, vary _ 
ificant, _as the first power of the velocity. te Manifestly, there is no velocity scale other © 
rhe e than unity (full scale) that will reproduce, to a common scale, forces which © 

© sus-— } vary, respectively, with both the velocity and the square of the velocity. ‘The - 
Ss might _ Reynolds | number which occupies an important place in experimental research» 


—— aeronautics expresses in significant terms the ratio of the intertial forces — 
fact that : to the viscous forces that act upon a given object in a fluid stream. A large | 

stable J _ Reynolds number indicates that the viscous forces are insignificant compared 
the inertial forces. has been found by research that on blunt or angular 
are pro-f sections regardless of size the viscous forces also are more of less insignifi- 


1e wind eant. compared to the inertial forces. In passing it should be noted that, as 


compared with airplane s sections, any bridge presents a blunt aspect to ‘the ™= 
wind. This is confirmed by a study of photographs of smoke streams passing 


y 


d for in- } the two types of sections. The contrast in the path of the wind is striking in aa 
r stabili-f such photographs; it is , generally smooth across the airfoil and always turbu- | 
[tests lentabout the bridge section. = = = 
stiffened a Evidence of a quantitative nature bearing on the scaling of wind forces has” 


he origi- of the tests made on section models of suspension bridges, measurements | 
jottom 
some of 


____ | __ evolved from the research at the University of Washington. As a routine _ | 


are made of the logarithmic decrement, a measure of the decay of an oscil- 
lation, and also, of the negative logarithmic. decrement which is evidenced 
when motion is gradually built up by wind action. Trace analysis of the motion — 
yields solutions for the logarithmic decrement in still air or in a wind of any 
velocity and in both cases the values can be determined for various amplitudes 


of either vertical or torsional motion.(4e) _ The importance of this arises from ‘ 
the fact that the logarithmic decrement is closely related to the rate of energy 
_ transfer, ‘dissipation in the case of a decaying oscillation, or excitation in the | 

_ case of an increasing motion caused by wind action. It can be readily shown i; 


i that for low to moderate damping levels the ratio of the energy change per 
yee to the energy at the beginning of the cycle is - approximately equal to a 


twice the logarithmic decrement. (3a,4f) Beier St 
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In passing it roe ibe noted that the simplicity of the method developed 


_ terminations of this rate of energy transfer. It thus eliminates the necessity 
of tedious measurement of wind forces acting on all portions of the structure — 

3 and varying throughout the cycle, and of determining mathematically the | 99 

energy which these forces ‘contribute or dissipate inacycle. 
As previously intimated the test data afford the means of discriminating a 

; between the contributions of the inertial forces and the viscous forces of wind 


in this research lies largely in the fact that it makes use of quantitative d de- "1 


: matical expressions for the ratio of energy transfer per cycle. This is most a 
easily obtained by dividing the energy change in one cycle by the e maximum 


value of the kinetic energy of vibration. The kinetic energy may be expressed; | 


in m is of body, is the circular frequency 4 

and 7 is the maximum (single) amplitude of oscillation. (ee ee Pee 
= Considering n now the inertial force of still air on a particular section hav- 
ing the mass, m, which is oscillating vertically at a frequency of wwitha | 
maximum amplitude of 7 it is noted first, that the wind force will be a ee 
function of the square of the velocity and of the area and general shape of the 
section. Since the maximum value of the velocity of the section is wn sucha 
force can | be expressed as F(t, A)wn. This force vai varies periodically i in its 
; ‘intensity + as the body moves through one cycle of oscillation and the total work 
_ which it performs in the cycle will be the product of the force, andthe 


distance through which the force acts, , in) which both the force and the distance | 


can be | expressed as functions | of; yn. Thus, , the energy « change can be expresset 


= 
- unit odkesite per unit area as well as integration over one e cycle. 
_ The ratio of ens ratio of energy change to energy of vibration then is: zo 


The important point: is that the ratio of is directly proportion- 


_ Now, consider similarly the energy change caused by a force which varies: 


as the first power of the velocity. Such Such a force is proportional to the instan- 
pee velocity and therefore to the m maximum v velocity, w wn. The work which 


pation 
Kinetic “energy mw 


t ‘should be noted here that the ratio of ene energy y change per cycle is 3 constant 


~ 
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viscous damping in which te does n not var} vary y with 
‘Fig. 1 ‘shows a . graph in which the logarithmic decrement in | still air, _ 
; served on a model of the Tacoma Narrows Bridge, is plotted against the iy 
amplitude. (4g) It should be noted that the logarithmic decrement at sub- 
: "stantially zero amplitudes is quite small, but that it increases linearly with 
_ an increase in the amplitude 7. ‘The broken line on the curve . represents a 
quantitative determination of the structural damping inherent in the spring © 
nathe- system and the supports of the model. This was determined by tests in which = 
the model was replaced by streamlined cylindrical weights of the same mass. 
Auxiliary tests showed that the aerodynamic forces on these streamlined 
weights were negligible and thus all of the damping measured was attributable - 
to structural damping. If the e values of structural damping, shown by the 
broken line are subtracted from the corresponding values indicated by the _ 
full line, it will be seen that the aerodynamic damping is is nearly zero at low 7 
values of n and increases in direct or linear proportion with amplitude. a 
This, in the light of the mathematical values derived immediately above, af- 


ation may be ‘regarded as inertial forces and that the v viscous forces | may “7 
“disregarded. Since this is essentially true for the model and almost pertectly 
true for the large-sized prototype the matter of scale effect is disposed of = 


scale for inertial forces applies. 


& 
fo 


work | effect, is the matter of damping. This question concerns 
a FF relation between the structural damping of the bridge in the field and the | 
distance | structural damping of the model as tested inthe laboratory, | 
‘pressed: | ‘The structural damping of the model and its supports is ‘readily measured = 
a routine matter, in all tests, as briefly referred to above. +The uncertainty 
= ' lies in the appraisal of the structural damping of the bridge in the field. It is 


ressure | ‘egarded by those who have studied the problem that no model tests will be — 
any value in indicating the structural damping of the prototype. The vari- 
ripen > a sources of energy absorption due to friction in joints, to contacts between = 
concrete | and steel, various other factors which might be mentioned 

| po: information consists of test data on actual suspension bridges. Such test Ps! 
“ei _ data have been obtained. Arne Selberg in Norway has made a number of tests f iW 
pe f.. bridges of rather moderate spans and has reported logarithmic decrements — ¥ 


es | varying from about .10 to .15 or even greater. (5) Tests have been made and ~ 

al _ reported in this country indicating \ values similar to these and somewhat a 

: varies lower. aad Further than this, the extensive behavior studies of such large “a 

instan- f bridges as the original Tacoma Narrows Bridge and the Golden Gate Bridge, . 

k which | when examined in 1 connection with the mo model tests have yielded fairly oma] 
indications, | as to what may be the value of the damping on these large | a 


structures. It seems quite clear that the damping is much less on large s 
structures than on the smaller ones. es. This is to be expected when it is con- a 
sidered that the sources of damping in deck contacts and various other ele- = 
ments are more or less equivalent on large and small structures whereas the z ay 
total energy of oscillation is much greater on the heavier, longer structures - 
be involve the play of tremendous forces in the cables and trusses. ial 
reference will be made to quantitative data on this factor. 
5 oy The magnitude of the structural damping of a bridge plays an important “a 


as in determining the response of that bridge to the excitation by the wind 
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BRIDGE 


“for some sections, while for other sections. its effect i is not so great. The 
_ routine tests show the effect of structural damping upon the response of a — 
given design to wind excitation. In using the method of analysis which has 
been developed it is necessary to make an assumption as to the magnitude a 
“the structural damping of the bridge under study. Obviously, in order to be — 
the assumed damping be 


i. Of course, the real sei of the validity of this method of testing and re - 
sis lies ina comparison of predicted behavior with actual observed behavior 4 


of a bridge. The foregoing considerations of scale effects are preliminary in 

: nature but do dispose of one question; they indicate that scale effects do not 

| - constitute an inherent barrier to the adequate determination of the aga 
of bridges by means of model tests and associated theoretical analysis. The 


7 question of correlation, then, revolves on the difference in the nature of the 

’ wind in the field as compared to that in the laboratory and uncertainty as a 


the value of the structural damping of the prototype. As previously suggest- 

> =. ed, the latter can be estimated with some reliability and conservative values 

> y can be used for purposes of analysis. Future research may give more defi- _ 
are: Li ni nite information on the actual damping of major suspension bridges. Damping et 
ra. = _ will vary materially with the mode of the motion of the structure, which de- 2 aw 
pe ss termines the relative participation of the cable and the stiffening structure in 
“the the storage of energy. (2a, 4i) This relation has been studied extensively but but 
‘ = _ Manifestly, the natural wind occurring at any bridge site differs in varying 


_ degrees from the uniform, ‘steady | wind velocity | used i in the 1 laboratory and 
- found to be m most conducive to the excitation of bridge motion. A wind -_ : 
. proaching over an extensive body of water is usually more steady and more —_— 
‘ uniform over the entire bridge site than a wind approaching 01 over land. id. Local 
topographic « or artificial features near the bridge modify the wind stream ma-_ 


terially. Usually, but not always, (6) the modification involves increased — apes 
turbulence, reduced uniformity and reduced capacity to excite periodic oscil- 


4 Granting the variability of the wind velocity at a given bridge site, its ef- 4 


“upon ‘the cross- section of the bridge and the ‘resultant path of the wind _. 7 7 if 
There is a substantially linear relation between the wind velocity and the 7 | 
frequency of the oscillation which it is capable of causing and a given mode of 
oscillation may occur over only a narrow range of velocity. Thus, the origi- a | 
nal Tacoma Narrows Bridge and its full model in the wind tunnel showed some i 
9 | different vertical bending modes in wind velocities from one to twelve miles - 
per hour (full prototype scale). _ As a result of normal fluctuations in velocity 7 
these vertical modes of motion (and their frequencies) were often mixed as 
“they changed from one to another so that no mode developed to the amplitude — = 
which it could have attained in a steady wind. (4a, 4c) 
mi On the other hand, the single-noded torsional oscillation which destroyed a 7 
_ the bridge could have developed in any wind above about twenty miles per hour > 
w ere it not for the center cable ties which inhibited this motion until the ve- 
locity was so high and forces so great as to overcome their restraint and 
_ cause partial failure of the ties. An oscillation which is excited over a wide . 
range of velocity is likely to appear prominently on a bridge even the 
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velocity may vary and on- “uniform over the site, there is 


Phe full in Fig. 2 the maximum -state amplitude for the 


; _ Single- -noded torsional oscillation of the original Tacoma Narrows Bridge | at 


" prototype ‘scale for the frequency of 14 cycles per minute observed on the - 
_ bridge in this mode on November 7, 1940. At any velocity to the right of the 
a intersection of this curve with the horizontal axis the amplitude will build up» 
- to the ordinate of the curve. When, in the model tests, the amplitude was in- 
creased by hand-excitation it always damped down in the wind stream to the | 
a For the safety of the model the tests were carried to only about 12° single 
amplitude. _ The broken lines represent alternative extrapolations of the test | 
curve. The circle indicates the approximate velocity and amplitude 
_ witnessed on the actual bridge | a few moments after the catastrophic torsional 
’ ‘oscillation began on the day it was destroyed. It is reasonable that it should — 
~ fall below the general trend of the experimental curve because of the greatly ; 
= eased structural damping induced by — —— of elements of 
bridge at the great amplitude reached. 


7 7 a given wind velocity as determined by the model tests(4j) and converted to 


in winds exceeding 20 miles per hour, it ‘must be 
however, that these test data were not available beforehand to give 


The inconspicuous curve between seven and ten miles per hour eae, | 

very weak response of this torsional oscillation which was observed onthe _ 

model, only. Such early appearances, sometimes fairly strong, of both verti- | 
cal and torsional modes are often found in model tests and a whole series of 

early responses is theoretically possible. 

ai Fig. 3 ‘shows the results of a | statistical analysis of field d observations of 


_ existence . The diagram is taken from the report to John M. Carmody, Ad- | 

-ministrator of the Federal Works Agency, by the Board of Engineers consist- 
ing - of Othmar H. Ammann, Theodore von Karman and Glenn B. Woodruff _ 
(reproduced in part in reference 4a). plotted velocities have been 


corrected in accordance with the calibration of the anemometer 


ordinate representing the observed frequency of oscillation of the mode. “The 
Z vertical dimensions of each block are proportional to the number of obser- _ 
> vations showing a particular mode of oscillation at the particular wind ve- - a 
f locity shown by the abscissa. _A small circle marks the abscissa of the center 


a The strong trend toward a linear relation between the wind velocity : and the 


: frequency of the oscillation which the wind can excite is evident in these dia- 


grams. This relation is conveniently “expressed by the ratio, V/nb, in which 
e is the velocity in feet per second, n is the a eae in oscillations per 
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‘ WIND VELOCITY AT BRIDGE - MILES PER HOUR 
L OSCILLATIONS - ORIGINAL TACOMA NARROWS” BRIDGE | 
the — prominent parameter | which appears in the studies s of wind excited 


‘The diagonal lines indicate the V/nb ratios at which vertical oscillations 
were initiated in the section model tests at California Institute of Soe 


— range of the weak first appearances must indicate that the structural damping 
7 of the bridge w yas quite low. Some oscillations occurred in winds too light to 

_ be sensed by an observer. The observed data, however, must not be accepted 
~uncritically as quantitive because of the material variations in velocity which 


‘must have occurred along the bridge from that recorded at the toll house at 


the southeast end of the structure. 


_ For such behavior as is exemplified by the several modes of vertical oscil- ; 


_ lation of the Tacoma Narrows Bridge the variation of the natural wind from 
the ideal wind used in does the of wind exci- 
tation of the bridge. 


its replaced by a a series of girders representing prototype depths 
from 5.4 ft. to 11.5 ft. (4k) The last had a ratio of girder depth to bridge width 
- slightly greater than that of the Deer Isle Bridge and was, by coincidence, a5 
fair 30-scale model of that bridge except that the narrow slots between the 
‘roadway and the were shows by full the 
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-_response of this model converted to full prototype ren for the Deer Isle. 4 ‘mus 
Bridge. It is seen that a reasonable extrapolation of this curve is entirely vert 
consistent with the one published observation of wind velocity and amplitude T tude 

-__ ef oscillation in the storm of December 2, 1942. This was described as a = 
single loop vertical oscillation.(7) 
2 Fig. 4 shows also a weak first appearance of this mode which developed in pre 


ther model tests and, by dotted line, a weak response which just preceded the | cal 
7 __ Tests on models of the Bronx-Whitestone Bridge,(41) both with and without | joo 
the added truss, indicate strong torsional oscillation in uniform steady winds loo} 
of moderate velocity normal to the bridge. Such oscillation has never been | tive 
observed on the actual bridge and it is concluded that at this site the natural | 4) , 


_ wind must surely lack the uniformity ne necessary to effect excitation — nal Mo 

” - The model test also showed small an amplitudes c of vertical oscillation at a x | 
velocity corresponding to about fifteen miles per hour on the prototype | 


when the curves for logarithmic decrement were developed it was apparent 
that their | negative damping was so low as to be completely offset by a moder- 
ate structural damping even in an ideal wind so that no prototype response to 
7 this excitation is to be expected. Nevertheless, the bridge in its original con- 
dition before the truss was added did show sizeable oscillations, up to about ‘ 
30 inches double amplitudes, in an assymetric vertical mode. This occurred 


only in a quartering wind and is believed to have been caused, not by resonant “fu 
action of the the wind, but by the momentary displacement of the bridge longitudi- dai 
nally in response to wind gust action, and the consequent swaying of the bridge r 
in the longitudinal direction following such displacement. It has been ob- pr 


- vertical oscillation can 1 most easily be excited by a ‘slight longitudinal dis- - 
: placement and subsequent release of the suspended structure. i gee 
Tests were made in England on the full model of the proposed Severn 
Bridge(8, 9,10) to determine whether this oscillation in the first asymmetric 4 
mode could be excited by longitudinal gust action. The model was rotated on | 
its turntable support to expose it to a 45° quartering wind and a venetian blind 
type of shutter was placed in the wind upstream from the model. All efforts 
to produce oscillation by rhythmic opening and closing of the shutter failed, y 
but when the shutter was left stationary in the wind an asymmetric oscillation 
= as had been observed on the Bronx-Whitestone yore hy was set t up by 


Stiffened Sections 


is so troublesome in the pines se field. With the blunt sections of a bridge it 
= greatly modified and somewhat ameliorated but associated with other excit- t 
ing forces which tend to bring on less serious oscillation at lower velocities _ 
than would be caused by — flutter. The excitation arises from the flow 
- around the deck structure. A positive damping effect effect is produced by fl flow bes 
7 it is interesting to note that the original record of the damage sustained by 
the Menai Straits Bridge in 1836(4m) reveals, in the light of modern research, 
& _ that flutter was the cause of the excitation of that structure. The leeward side 


/ = ‘suffered much greater damage than did the windward side of the bridge which © 


_sT2 

te, 

? 

mil 
3 
veal that the wind excitation of these isa | 
fe. 

J 


and torsional ‘movement the leeward edge moves with greater 
tude than does the windwardedge. 
Section models of the George Washington Bridge with the middle portion of ot a 
| the deck open as originally constructed and also with it decked over as at 


ped were tested in the wind tunnel.(4l) In the open condition small verti- 

a the cal and torsional oscillations developed at velocities corresponding to 12-16 _ 
= and 18-24 miles per hour on the prototype in the first symmetric mode (three 
pares loops) and at about 75% of these velocities in the first asymmetric mode (two 7 
winds 


loops). However, the logarithmic decrement curves showed maximum nega- _ 
tive damping values of only 0.03 and 0.011, too weak to overcome the sstructur- -— 
al damping so that no oscillation of the prototype could be expected. Perens * 
Movements of the bridge itself were too slight to be identified as to mode. _ 
With the entire deck closed the ; above-mentioned weak oscillations did not 

appear in the model but a strong torsional oscillation developed at a velocity 
corresponding to 65 miles per hour computed for the symmetric mode and 50 
miles per hour computed for the asymmetric mode of the bridge itself. These — 
model tests were not extended to evaluate the influence of structural damping — 
on the critical velocity (which is indicated in Fig. 5 for the Golden Gate | 

Bridge) but the structural damping of the bridge would undoubtedly raise t the 
critical velocities well above the values stated above. Dr. Friedrich Bleich’ s a 
flutter analysis utilizing model test data and an assumed value of structural © 
‘damping indicates a critical velocity of 77 miles per hour for flutter. cee 
__ In view of the rarity of high winds and the probability of factors tending to , 
produce non-uniformity in the wind streami it is not surprising that the 
torsional oscillation has not been observed on the George ——— bridge. 
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The aiiiieee on the Golden Gate Bridge represent perhaps the most intered- 
ing and convincing evidence on this question of the correlation of laboratory _ 
indications and actual bridge behavior. (1) The field observations are more 
complete than on any other bridge. Over a period of several years complete 
records of the motions of the bridge at ten different points on the structure 

were made and these were correlated continuously with the wind velocity and 
— - direction as observed at a ‘point. several feet above and west of the west cable 
at the middle of the main span. Because of the nature of the approach here 
“with the prevailing westerly wind off the ocean, the wind through the Golden 

_ Gate is probably as uniform as can be expected in any location. However, for 
a period of fifteen years the bridge response was trivial as compared with « 

the predictions made from the combined model studies and theoretical analy- 
ses. The reasons for this were readily found when a search was made for * 

disturbing influences. _ The north sidespan is located just east of a steep hill 
_which reaches a height of nearly 1,000 ft. Asa result the wind on this side — 

Site ‘span has a very pronounced downward component. Laboratory tests on a full 
= model of the new Tacoma Narrows Bridge ina configuration subject to exci-- 
tation, showed that changing the wind to a sharp downward angle on one side 


a uni- 


; the Narrows bridge accounts for the small saipiittiadia of the symmetric modes 
_ of oscillation of the Golden Gate bridge over the fifteen-year peri le g 
ra Verification of the model tests and rational analysis was , obtained on the | 
only known occasion when the bridge responded in the first asymmetric mode 
which r requires no ‘movement of the side spans and is not responsive to forces 
upon the side spans. The record of this is shownin Fig.5. = 
‘The motion on December 1, 1951, which is plotted as curve D on this graph, 
was a combination of vertical and torsional oscillation. The graph indicates, © 
for convenience, the torsional component in comparison with the model indi- 
“cations which also are plotted. The values plotted from the model tests 
Boe A, B and C are, in all cases, for a horizontal wind but at different S 
values of the structural damping as shown by the values of the logarithmic _ 
decrement, é. . The influence of the structural ¢ damping on the critical velocity 
a is apparent from these curves. It is interesting to note that the behavior of 
the actual bridge correlates remarkably well with an interpolated curve for a 
: 4 value of 6 of 0.031. The curve representing actual bridge — | 
falls below the model curve at the higher velocities, because the higher ve- 
locities never persisted in the field long enough to induce the amplitudes that 
vad It should be recalled that the Golden Gate Bridge has been inahiiniailal 
against a reoccurrence of the behavior represented by Fig. 5 by the addition 
of a complete bottom lateral system. (11) ) This was designed in accordance 44 
ith the judgment of the consulting board, consisting of Mr. C. &. Paine, 
_ Chairman; Mr. O. H. Ammann, and Mr. C. E. Andrew. Tests and analysis of 
the type employed in making the predictions shown in Fig. 5 indicate that the 
4 increased frequency of torsional oscillation which : results directly from the 
use of the bottom lateral system will increase the critical al velocity beyond the 
"Tange of any winds that might be expected at this site. 
7 All phases of bridge design involve assumptions as to the nature and magni-} 
tude of the loading to be applied, whether they are live loads or natural forces. | 


The greater uncertainty is usually involved in assumptions concerning such © 
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interest-] natural forces as wind flood height, etc. It can rarely be said, 
ratory | example, that the floods and scouring conditions that actually occur during — 
meet e 5 Se life of a structure even approximate th the assumptions made in the design. 7 
mplete | Nevertheless, such assumptions must be made in order to proceed with the _ 
vity and The model tests and analysis showed the new Tacoma Narrows bridge to i 
st cable be stable. The bridge has shown no trace of oscillation during the eight years 
here 4] since it was built. The same type of model tests analysis confirmed the 
ver, for i The aerodynamic behavior of ‘suspension sities in actual service has 
with | been predicted and reproduced so successfully and consistently in model tests 


1 analy- f that it would seem to the writer, highly imprudent not to make full use a 


efor — such tests in the design of every important suspension bridge. Failure to 
ep hill | attribute full validity to a type of investigation and analysis that has so im- — 
s side pressive a record of correlation and applicability, and failure to use it io 7 : 
mn a full } volves too great a risk and too high a probability of damage to or even loss of © 


le side ‘The opinion has expressed that a large bridge because of its great 


a uni- mass will inherently benefit from increased damping and, therefore, offer in- a 
sts on creased resistance to excitation by the wind. It is not true that the ofthe : 


“ie modes) structure has greater damping but it is acknowledged that, because of the 
= great mass, its energy of oscillation is high and, therefore, the energy of 
‘ 4 excitation must be correspondingly great before motions of any magnitude or 
on the significance can be induced. This is shown in the derivation of Eqs. (3) and — 
‘ic mode (5) which have the mass, m, in their denominators. . Furthermore, it may be 
‘0 forces presumed that the opportunities for variation in the wind velocity, direction 
‘| and behavior are greater over a long bridge than over a short one. Detract- _ 
nis graph,f ing from these advantages, however, is the fact that the oscillation of any -_ 
dicates, J long bridge will have a lower frequency than that of a short bridge. This is - 
el indi- | true despite anything that can be done to stiffen it. _ It is inherent in the fact 

sts in q that the span is long. Research has shown indisputably that the relation be- 
rent a _ | tween wind velocity and the frequencies of the motion which it may induce is 
hmic g a definite factor. Therefore, a long bridge having a low natural frequency, 

| velocity | can be excited by’ a lower wind velocity than can a bridge of similar cross 
vior of © section, of shorter span and higher frequency. | st — 
‘ve fora | It is the judgment of the writer that the aerodynamic characteristics « of the 


ole design of any bridge of considerable magnitude should be investigated by the 
er "means now available. (4,12,13) This investigation will predict the behavior 
des that the bridge in a full range of wind conditions. _ The predictions take fully into 
wry account both the mass of the structure and its stiffness as these factors af. SS 
hened 


fect the frequency of oscillation in any possible mode and the amount of atte a 


\ddition required to build up a given amplitude of diana is 


1 «Golden Gate Bridge Vibration Studies report on Cooperative 
2yond the - Project conducted by the Golden Gate Bridge and Highway District and ag 
wie Bureau of Public Roads, Department of Commerce, by George Ss. Vincent, - 


of the ‘Structural Division, the American Society of 
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Theory of Vibration in in Suspension by 
Friedrich Bleich, C. B. McCullough, Richard Rosecrans and George Ss. = 


Stability of Suapension Bridges”, 1952 of the Adviso- 
‘eh ry Board on the Investigation of Suspension Bridges, Transactions, al 


American Societ of Civil En ineers, ‘Vol. 120 (1955) 


eriment Station Bulletin No. “116: a 
(a) Part I, “Investigations Prior to October, , 1941” by F. B. Farquharson, — 
(b) ‘Part Analyses” by Frederick C. Smith and George §, 
(c) Part HI, “The Investigation of Models of the Original Tacoma Narrows 
. a Bridge Under the Action of Wind”, by F. B. Farquharson. rise © 
(a) Part IV, “The Investigation of Models of the New Tacoma Narrows 


 _ Bridge Under the Action of Wind”, by F. B. Farquharson. ca 
(e) Part “Extended indies: Logarithmic Decrement, Field 


(f) Part V, Appendix I. 
Part ChapterlL 
Part V, Chapter. 
( 
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i) Part Il, Chapter VII. ane 
Part Ill, Fig. 41. 
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k) Part Ill, Fig. 116. 
(1) Part V, Chapter IV. 


“Dampening Effect in Suspension n Bridges”, by Arne Selberg. 


cations, International Association for Bridge and Structural Engineering, 
Vol. X (1950), 


6. Aerodynamic Buffeting of Bridges” by | Scruton, ‘The Engineer, (Great 
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“Rigidity and Aerodynamic Stability of Suspension Bridges”, by 


"Steinman, Transactions American Society of Civil Engineers, Vo 1. 110 
1945), e 492 (See e544), 
8. “A Summarized Account of the Severn Bridge Aerodynamic Investigations” 
by R. Frazer and C. Scruton, H.M.S.O. 1952. 
“An E: Experimental Investigation of the Aerodynamic Stability of 
- Bridges, with Special Reference to the Proposed Severn Bridge” by C. 
Scruton, Proceedings, Institute of Civil Engineers, 1952, Part 1, Vol. LL 
10 . “An Investigation of the Oscillations of Suspension Bridges in Wind”, , by 


Scruton, Fourth Congress of the International Association for 1 for Bridge 
and Structural Engineering, Preliminary 1952. 
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Ss RUCT URAL DIVISION. 
Pre cee edings of of the American Society of Civil Engineers 


Safety, by Oliver G. Julian. (Proc. Paper 1316, a 
oo discussion: 1442, 1522. Discussion closed. ) _— 


E. J. . ¥ 
“Lateral Deflections and Stresses in Building Frames, ie = 


Robert E. McClellan. (Proc. Paper 1354, September, (1957. — 


‘Prior discussion: 1656. Discussion closed. 


Lateral Bracing of Columns and Beams, by George Winter. 


(Proc. Paper 1561, March, 1958. Prior a 1656, 1787. 

In or Beams by the Method ye: 
of Partial Moments, by Harry Posner. (Proc. Paper 1567, we? 7 
- March, 1958. Prior discussion: 1721, 1787, 1857. Discus- _ 

sion closed.  - , 


Numerical Solutions for Beams on Elastic Foundations, by 

Henry Malter. (Proc. Paper 1562, March, 1958. —_— | 


1787, 1827, 1857. Discussion closed.) 
by Henry Mal Malter (closure) . 


for Preservative Treatment of Timber: 
Progress Report of a Subcommittee of the Committee on 
‘Timber Structures. (Proc. Paper 1637, May, 1958. Prior — 
‘discussion: 1787, 1857. Discussion closed.) 


Goldberg. - (Proc. Paper 1638, May, 1958. ‘Prior ome — 
sion: 1857, 1882. Discussion closed.) 


John E. Goldberg (¢ (closure) 
Note: Paper 1952 is sant a: the a al Journal of the Structural Division, Proceed- 


ings of the American Society of Civil Vol. 85, ST 2, February, =. 
will be no closure 
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1 February, 1959 


‘Design of Long Reintorced Concrete Columns, by Bengt 
 Broms and Ivan M. Viest. (Proc. Paper 1694, July, 1958. _ 
Prior discussion: none. Discussion closed. 
J. G. MacGregor and C. P. Siess . . 
Wind Forces on Structures: Fundamental Considerations, a — — 
by Glenn B. Woodruff and John J. Kozak. (Proc. Paper a. 
1709, July, 1958. Prior discussion: 1882, 1922. Discussion 
John S. and Hankins ‘a eee 201 
Factor of Safety in Design of Timber Structures, by 
_ Lyman W. Wood. (Proc. ‘Paper 1 1838, November, | 1958. 
Prior discussion: none. Discussion open unt until il April 
Richard G. ‘Kimbell, Jr. 


Light Wood Trusses, by F. Luxford. (Proc Paper 
November, 1 1958. Prior discussion: none. 
Discussion open until April, 1, 1959. 


Glued Wood in Europe, by 


M. L. Selbo and A. C. Knauss. (Proc. Paper 1840, ; 
November, 1958. ‘Prior discussion: none. Discussion 

- by Donald G. Coleman (corrections) ...... 

a a Design of Pier Bent and Rigid Frame by a Computer, Be 

Charles P. C. Tung. (Proc. Paper 1854, November, 1958. 

discussion: : none. Discussion until 


Glen Berg 


Design of Optimum Indeterminate Trusses, by 
Laushey. (Proc. Paper 1867, December, 1958. 


Prior discussion: none. Discussion open until May 

‘Review of Limit Design for Structural ‘Concrete, by 
Yu and Eivind Hognestad. (Proc. Paper 1878, December, 
1958. Prior discussion: none. Discussion open until 
orrelation of Predicted and Observed Suspension Bridge 
‘aoe. by George S. Vincent. (Proc. Paper 1944, 
February, 1959. Prior hone. - Discussion 
until 1959.) 
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SYNOPSIS OF FIRST PROGRESS REPORT OF 
COMMITTEE ON OF SAFETY? 


by R. J. Ruble and Raymond Archibald 
Closure by Oliver G. Julian and Alfred M. Freudenthal 7 


J. RUBLE AM. ASCE.—The progress report of the Committee on Fac- 
tors of Safety is certainly an outstanding paper and should be of considerable - 
help to engineers studying the subject of probability of occurrences. However, 
it is very doubtful, in the writer’s opinion, that the method of attack covered 
in the paper will ever be accepted by specification writing bodies to enablicn 
definite factors for design purposes, for structures subjected 

_ There are many practical factors which must be considered by a committee 
before any reliable factors of safety can be The bridge engineers 


ig and where danger to human lives is 8 javolved are going to base their ~ 
recommendations on past experiences. The writer has had considerable ex- 
perience working with various specification writing bodies, both railway and 
highway, and these committees always consider the following factors which — 
_have been determined by laboratory investigations = research on structures 


under ac actual operating conditions: 


‘Static Loads 
3, From the ‘railroad standpoint, the committees realize that there is con- aa 

acca variation in the static weights between the wheels and axles in the © 
same locomotive. It has been determined by modern scales which weigh each 

_ wheel that there can be a 25 percent variation in | axle weights from one “ 
i ocighinn to the next weighing. In other words, a locomotive can be run on — 
these scales and each wheel weighed. - he locomotive can be then run off the 
Scale and immediately run it on the scale again and there will be ; at least a — 

25 percent variation in the weights of the axles. This is nothing unusual and 
undoubtedly results from friction in the journal boxes and in the equalizing — 
‘Systems. In a similar manner there will be a variation between the weights — 
| of the two wheels on the same axle. _ There is no doubt but what the weights © . 
| of the axles and wheels on some of the large highway trucks will vary ina like 

manner. It would certainly b be interesting to see ~— » data on this particular 


— =. well known that there is considerable variation in the axle weights — 


= 


a. ‘Proc. Paper 1316, July, 1957, by Oliver G. Julian. a 


‘Research Engr. Structures, Association of American Railroads, Chicago, Ill. 
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3. The amount vas point to the next so. that the 
total static weight of the locomotive will vary depending upon where the bridge> 
4. There i is considerable variation in the weights of the various cars fol- | 
lowing the locomotive. The railroads have special cars at the present time © 
‘ts those over the bridges that produce sta static bending moments twice as great 


as those of our standard design loading g of Cooper’: s E72. 


‘wate - Most of the railroad bridges in this country for many years eng 
a loads about 50 percent greater than their design loads. The majori- 
ty of the bridges were built at the beginning of the century and were designed 
for about an E45 loading. _ The weights of the locomotives gradually increased | 


por these loads to about their design loads. The bending moments ocoteull 
by future atomic locomotives and the gas turbines should be considered as 
well as the possibility of special cars even heavier than those we now have. 

_-——s«&&.: The possibility of increased dead load on the structure is usually con- 
sidered. _ The railroads have a large number of bridges where the dead load 
has been i ncreased at least two or three times over t the > design dead load. 
Po This came about by designing the bridge for an open timber deck. However, i 
_ many years later the railroad decided to place a ballasted deck on the struc- 
ture. Their argument was: that the ballasted deck r reduced the impact which 


compensated for the increased dead load a and none > data « on this ‘subject sup- 


1. The dynamic effect of a moving vehicle, such as a train or truck with a 
_ large part of its weight supported on springs, moving across a bridge, which 
in itself acts as a spring, is a very complicated action and produces effects of 
various magnitude. It has been determined from extensive field tests that eve 
when trains cross the bridge at at the same speed, there is considerable varia- 


tion inthe dynamic effects; 


2. It has been determined by strain gage measurements in the field on a 7 
‘large number of structures that many times a negative impact effect is re- = 


corded. In 1 other words, the stresses pr produced by the locomotive at a a particu- 


bridge or moving slowly across the bridge. — 


The rolling of the locomotive and equipment about a axis 


tends to increase the stresses on one side with a corresponding decrease in 


a The rigidity « of the supports | or the flexibility of the structure plays a 

“very important part in the dynamic effect. The dynamic effect ina bridge f 
resting on 1 rigid supports is ew greater than | than the effect ir ina bridge 


Distribution of Loads 


1. It has been that is variation in the 
: stresses, both static and dynamic, in bridges consisting of two or three ‘beams 
per rail. Typical ‘structures of tl this type are beam spans” and stringers in 
truss s spans. example, where there are two beams or stringers under one 
7 rail it has been found that the stresses in one beam or Gemger may ' be con-_ 
greater than in the other beam or J 


| 
sT2}_ S 
| 
— 
a4 = oR 3 ar speed are lower than those recorded with the locomotive Standing on the ~ 


ses of any member. Ina aa. girder the stress is not uniform across “oi. 
section and is usually higher on one edge than on the other edge. Ina built up - 
_ chord member of a truss there is always bending about both axes of these 
“members. Many chord members have tension on one corner of ‘compression — 
members under the passage of moving loads and corresponding compucnsion 


_ dary stresses in peor tie are not harmful and this is undoubtedly true for — 7 
lone static strength of tension members . However, these large bending stres- 


creased 
ives re-f ing any of the load with a corresponding increase in the other bars of gal 
yroduced -member. In addition, many bars have zero stress on one edge of pin- 
sodas “connected eye-bars with twice the average stress on the other ‘ edge. Another 
have. - interesting variation of stress has been observed in a viaduct tower. One > 
ly con- _ particular column of the tower which appeared to be raised above the con- — 
d load crete pedestal never came into bearing on the pedestal ‘under the passage of ° 
train. Asa result of this unequal the other columns were car- 


and the ‘ultimate strength of steel 
= to meet definite requirements in the mill and these requirements are | 

based on certain methods of testing. It has been shown that in many cases all 

the actual yield point of steel is considerably lower than the requirements 

set up in the specifications due principally to the more refined method of __ 


“that eve .-—«»«-2-—: A vast amount of data has been collected on the fatigue strength of 
, varia- structural joints, but the research engineers still cannot say that any particu- 
n 1 lar joint will have a certain fatigue strength at a definite number of cycles of 


_ known load. The committees realize it will be a good many years before suf- 


data will be available to prepare definite S-N curves 
3. The method of fitting up the steel, driving the rivets and the type of > 
“rivets. is an important factor in the strength of any joint. It is well known | that 
both gc good and poor rivets are driven and while the poor rivets are removed, 7 
_ very little is known about what we do to the good rivets when we remove i 
poor ri rivets. The character of the rivets also influences the fatigue strength — 
a of the ; joints. fy It is realized that if the rivets do not have good clamping on 
- there will be some slippage of the plates resulting in high bearing pressure 
a on the edges of the rivet holes with a resulting stress concentration factor of 
25 or 30 or even higher. ‘This p: particular factor undoubtedly accounts for 
a - some of the actual fatigue failures in the field which ch cannot be accounted 
'¥ 4. The fatigue strength of : any structure is influenced by the variation in : 
the range of stress. Practically all of the present data on fatigue are co: 
on a constant stress range. In actual structures there is a considerable range 7 } 
Tes the stresses resulting from different weight locomotives or r vehicles and s 7 


rs variations in | dynamic effects. 
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De. . The ¢ capacity of columns has been of interest to > the en engineering profes - 
sion for many years and a tremendous amount of data have been collected on 


the ‘subject. However, very little data are available on the actual buckling» “_ 
strength of such members when | they are in actual structures. oer column ina 


in bending about both : axes of the column. 
ak 6. This realized that most of the heavier r rolled sections have residual 


7. Itis very unusual to find a peerem both railroad and highway, in n perfect 
condition. You will usually find some of the members with bent angles or | 
plates. Sometimes these damaged members result from improper handling | 
: during erection, but usually they are the result of misplaced loads or out- of- 
control vehicles hitting the member. These damaged members certainly 
: have some influence on the ultimate carrying capacity of the structure. e In 
addition to the visible damaged members, very little is known about the dam 
- age to the steel resulting from the conditioning clauses in the Poo end ot 


In accordance with specifications, the steel mills are permitted to grind out © 
flaws in the steel. Under certain conditions they just smooth out the edges © 
by grinding while in other cases they build up the ground out areas by weld-_ 
7 i and then grind smooth. It is doubtful that these conditioning clauses have 
any influence on steel built into structural joints, but they might have some © 
_ influence on other members not fabricated into OS 
ma x Any steel structure that is not properly protected will have some loss in 


section due to corrosion. This loss due to corrosion can be quite severe in _ 


ag 


drippings. _ The railroads have considerable trouble with loss of section due to 
= brine from refrigerator cars and — top cover plates on bridges have © 
_ about 90 percent of the section gone. “Many times the rivet head is entirely © > 


; certain structures close to industrial areas or in structures subjected to brine 


‘s . The committees have had } many discussions on the variation i in cylinder 


= However, very little discussion has taken place ir in the committees regarding — 

reason for this range. It is known that the method of 
_ Capping and testing the cylinders plays an important part in their strength. | 
Bc addition to these factors, , the committees usually consider the : relative se 


in the indicated strength of the concrete by varying the size of the cylinders. a 
The committees also consider the available data on the strength of the con- _ 
crete as indicated by the cylinders as compared to the sirength of the con- 

_ crete determined from tests on cores removed from the structure. Wqney wiles 
ee Ss. Ris well known that the same variations exist in the yield point and ulti- 

‘mate strength « of reinforcement as found in structural steel. In el } 


tures of reinforced concrete, the yield 2 of the reinforcement actually — 
e 


ST 
| 
* 
hy 
tresses resultin m the n the member. Du r be 
the 
fai 
mi 
sa 
in 
q 
ipl 
| ™ 
th 
de Materials - Co ti 
2. Consideration is usually taken of the actual size of the cylinder as 
t 
is 
] 


reinforced concrete p pipe culverts. These fail shortly af- 
‘ ter the yield point of the reinforcement is reached. = | 
4. . Considerable trouble has been encountered in the past with the deteriora- 

tion of concrete, s so ‘the committees ‘must take into account how much deterio- 
ration can be permitted before the structure will fail, 
 § 5. The committees realize their specifications for the design of structures — 
“is be based on certain assumptions and allowances for these assumptions must 


‘be made in their factors of safety. Possibly the most outstanding example - 


these assumptions in concrete design is that pertaining to shear reinforce 4 

_ ment. All laboratory tests definitely show that shear reinforcement in — 

crete members do not carry any stress until the concrete has practically 
failed in diagonal tension. However, the assumptions for th the design of these 


reinforcement carrying the remaining load. 
_ 6. Another item which is usually considered in determining the factors of 
safety deals v with the method of construction or erection + One example per-_ 
‘ “tains to the installation of reinforced concrete culvert pipe where they were 
~ improperly ; installed and large cracks developed even before | the final fill w was 
placed over the | pipe. 
ultimate strength of timbers ta by the total 
"duration of load on the structure. ‘This load does not have to be continuously — 


the same duration of time. ‘The present stresses for structural timbers 2 are a ; 
_ based on a duration of load of 10 years and the committees will certainly nas 4 
consider a revision of this loading time as research develops | more informa-— 


2, The committees realize that under certain conditions untreated 
will decay, but they have | been able to practically eliminate this | decay by iol 
preservative treatments. . However, there is considerable discussion that the | 
heat resulting f from the treatment of the timber reduces the ultimate strength > 
of the t timber. Iti is now known that before many years practically all ¢ of the — 7 
timber structures in the United States will be subject to termite attack. The i, 
proper treatment and amount of retention of the treatment to resist termite 

attack is not too well known, so here again an item which must be considered — 


; . &: It is well known that all structural timber is graded according to certain 7 
“rules, such as the number and size of the knots and the slope of the grain. a 


Various grades of timber have various structural strengths and there is un- eS 


“tion i in the strength of the timber. aa 
_ 4, The checking of heavy timbers plays a very important part in the S fo. 
a. of such members in horizontal shear. Specifications permit a cer- 
prck yes for the horizontal shear under certain n loading conditions, but the 
actual strength of the timber will vary with the amount of checking. wig 
5. Considerable data are available on the strength of timber bolted joints aa 
when Subjected to static loads, but very few tests. have > been 1 made on such — 
joints when subjected to repeated loads, consequently, the committees r must 
- guided by past experience in arriving at proper design values for such 
joints. It has now been shown that the strength of such joints are ‘materially pe 
reduced when subjected to repeated loads. 
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7 ond a bolt is considerably increased over the strength when only a bolt of the 
! aa same size is used. This is true under both static and repeated loading. 7 How- 
ever, it has been shown in the field that all of the mechanical anchors are not 
seated the same amount. Here again the committees depend upon the full 
: — of the anchor and the factors of safety must take care of the variation, 
_ The writer realizes that this is rather a long discussion and many of the © 
_ factors discussed do not necessarily have to be considered numerically in ar- 
-riving at a proper factor of safety, but they still enter into the ultimate — a 
_ strength of the structure. It is difficult to see what will be gained by making | 
. a statistical study of the variation in the static loads crossing the structure. 
_ The committees are interested in the total ‘Static plus dynamic load on the 


prehensive tests on actual | structures in the field such as s the railroads ha hanes, 
been conducting for the last fifteen years and the highways for the past wen 
= years. With this data, the effect of such a load pattern on the struc- 
_ ture can be determined in the laboratory. For example, the Research Council 
on Riveted and Bolted Structural Joints is studying the effect of a variable - 

_ stress pattern on structural joints, typical of that occurring on railroad “* 
bridges, as determined by extensive field tests. 
‘The railroad committees are not in a position at this time to s say what fac- 

_ tor of safety should be used in railroad bridges. The present factor results — j 
ina a design ‘stress of 18, 000 psi in| structural ‘steel bridges and dog 


_ hangers where the railroads have experienced a large number of fatigue _— 
failures. Possibly the factor for or longer girder Spans and ck chord members 
_ truss spans could be reduced ‘somewhat, but here again, experience has 
a shown that a stress of 24,000 psi, which is the rating rules stress for the q 
older bridges, is too high as the bridges were beginning to develop fatigue 7 
4 - failures before the loads were reduced by the use of the diesel locomotives. 

RAYMOND ARCHIBALD, lu - ASCE. - —The Factors of Safety Committee, 
organized to delve into the. rape misuse of the term by the engineering _ : 
profession, has covered a large field of study in their deliberations. During - 

_ this period of study the committee has developed | what it considers tl the proper | 
+d statement of the facts involved in determining the factors of. safety of struc- 
tures, and has rightfully indulged in the use of the probability of occurrence. v | 
factors which enter into design. It is noted in the Synopsis of the First © — 9 
Progress Report of the Committee on Factors of Safety that “some ‘members 
of the committee inclined to the view that the committee is overemphasizing — 
the importance of the statical and probability studies. It is. believed by the 
writer, who isa ‘member of the committee, it could more accurately be 
rm stated that some members of the committee do not agree with the application - 
_ that has been made of statical and probability studies in | some cases. . wl 
In the progress ‘report the terms “ ik mean estimated resistance” and « fs mean 
load effect” are used to define the minimum required factor of safety. ‘It is at 
this point where the divergence of f opinion develops. 
_ ‘The writer believes where danger to human lives is involved in the design 
of structures such as highway bridges, railroad bridges, and buildings where 
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aie during the anticipated life of a large number of structures meant to he 
identical with the subject structure, and the maximum load effect for which — 
the subject structure is designed. It will be noted that the only difference in- 
the definition herein proposed is that the terms “minimum” and “ “maximum” — 
are substituted for the term “mean” in the proposed definition. It should also © 
be emphasized that the definition proposed by the writer is suggested for “a ‘ 
those cases where danger to human life is involved. > In other cases the “ mean” 
method certainly should be given consideration, ay 
~ In the design of structures by the ultimate load method the maximum load 
_ that a structure would sustain at or before failure is used for the design load. 7 
‘The ultimate load is usually arrived at through the use of the term live load 
factor, which is a load equivalent to two, three, or. four times a design load — 
_ using working stresses. _ It simply means that the structure — sustain the : 
ultimate load used in the design without failure 
noted in the report, the ultimate capacity is not n the con-— 
~ factor in the design in many instances, | but the factor of serviceability 
_ is the all-important limitation in many cases. 
oem The question is naturally asked why the minimum estimated resistance to | 
collapse is suggested rather than the mean estimated resistance to collapse. — _ 
" Assuming the resistance to collapse is dependent upon the strength of a 
or this leads to the assumption that the minimum n estimated resistance 


is logically based on the minimum strength of the material used in the struc-_ 
ture. . Present day specifications for structural material include, as a rule, a 
"minimum yield point and ultimate strength as one of the important require- 
- ments. A-7 steel, for instance, has a minimum yield point of 33,000 — 
y ‘per square inch. Steel manufacturers in developing steel to meet this re- 
quirement, from an economic standpoint, try to come as close to this mini- — 
_ mum requirement as they can without having too great an amount of rejected — 
material that does not meet the minimum requirement. In fact they use the 
_ probability factors to determine economically how close to this minimum they | , 
-must shoot at in order to_keep rejections to a minimum figure. Their gen- _ 
rule is to attempt to ‘produce a steel that exceed the minimum one 
_ If mean values rather than minimum values are used it means — the —_ 
gineer who designed the structure knows that a . certain percentage 0: of the 7 
material does not meet the minimum 1m requirement, and in turn the m minimum — 
_ ultimate resistance of the structure can be lower than assumed in the design. _ 4 
It is is difficult to conceive how the responsibility of a failure under such cir- = - 


wee 


i. cumstances would not rest upon the shoulders of the design | engineer. Mention _ 
_ is made that insurance underwriters use actuarial tables in determining the | 
- premium on life insurance policies. Whenever the number of deaths exceed 
these actuarial tables, the only involvement is the financial loss to the in- 
surance company. A court of law would certainly not relieve an insurance 
_ company of the responsibility to meet its death claims just because of some 
- circumstance which caused the death rate to exceed the actuarial tables based 7 
_ on probabilities; and it seems the same reasoning would prevail in placing © 
the responsibility of failure of a structure in which the deerme’ was based ~ 
ee When a failure does occur, it usually develops that somewhere along the _ 
7 line = — were not followed, either in strength of material, type 
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9 
of construction or sit nominating in the de design did not include the load ef- 
fect which actually occurred. _ Where does the engineer stand when he knew — 
beforehand a certain ‘percentage of the material did not meet the minimum — 
" requirements even though such a failure should not have occurred once ina 
century, based on the probability of failures? 
_ With regard to the use of the term “ maximum load effect” instead of “ asad 
_ load effect” here again the design engineer is faced with the “facts otis.” 7 
4 Assume the maximum load effect occurs on a structure that has been io 
we signed for the mean load effect; failure will probably occur. True this maxi- d 
7 mum load effect may not happen once in several hundred years, but that one © 
os - time could happen the first year after the structure is put into service. ve 
Professor H. K. Stephenson has very ably presented the results of his studies 
_ of highway bridge live loads based on the law of chance.* The primary ee. 
pose of this study is not to develop static design loads but to” evaluate the _ 
7 repetition | of certain loads which can cause a fatigue failure. It cannot be left 
to chance that certain combinations of heavy loads will not occur in the life- 
_ time of tne structure when the human mind controls these sequences. _ The 
4 probability of occurrences based on statistics can be quickly upset when a 
3 fleet of trucks decides to use the convoy method of traveling the highways, 
or maintenance and construction work can pile up traffic to such an oa 
; i that a bridge can be greatly overloaded when compared to the probability of 
_ Present day military loads are one of the prime factors in the design of — 
F “highway bridges. Assuming the bridges would not be called upon to carry th the 


- military loads except in an emergency, the design load effect can be set up 
_ very closely to the maximum load effect using the minimum resistance to 
- collapse. ‘This example is cited as it is often said that loads ; approaching 


- _ It is not the intent to detract in any way from the value of the use of 
_ probabilities of survival and serviceability, as set forth in the report. It =. 
gives the engineer a tool with which he can better his guess and use engineer - 
.. judgment to get the most for the dollar. It certainly has its place in the — 


a 
* live load factor used will seldom come on the structure. Waa ns | 


field of engineering design for determining the economic life of the structure 


where human lives are not endangered. It also can be the yardstick upon - 
which the minimum factor of serviceability is based. In this case only the 7 
serviceability is affected and it is only an economic disaster when it is - 


satisfactory. _ It does not involve the collapse of the structure. _ eR aks 
. Perhaps the most important uses to be made of the study of probability 


of failures and occurrences. Certainly the study « of the probability | of occur- 
rences adds greatly to the knowledge of the design engineer, but its misuse a 
can the responsibility ofa on mn the shoul shoulders of the 
OLIVER G. JULIAN,* M. ASCE an ois axes D M. FREUDENTHAL,2 M. ASCE 


—The Committee is by the « discussion which the subject has 
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“evoked, although the number of discussors is smaller ‘than might have pon 


expected ir in view of the importance of the subject to all branches of the 

_ profession. | The unfortunate fact that the large majority of engineers is not | 
only wdneitiion with the basic concepts of the theory of probability and the a>. 
Gatistical based thereon, but is reluctant to consider these 


not “aie the results of their lack of training in these dentine, but fre- o 
quently also of the insufficient training of some of those attempting to use 
- statistical methods in 1 engineering. Flagrant misuse of such methods leading | 
to unjustified conclusions is, most unfortunately, quite widespread and has ‘ 
contributed to discredit an approach which, if correctly applied, would have ~ | 4 
;: been highly effective. The importance of probability concepts and statistics jo 
in most branches of engineering, and particularly in engineering design, can 7 


har dly be overestimated. fy Any understanding of the concept of structural 7 7 


sandenieiiada “It is refreshing to note that the importance of this aspect is an ” 
gradually being recognized in engineering curricula of our leading universi- an - 
in some of which probability theory is now to all 


flected in codes, as, ‘for instance, in the ACI Building Code of 1956 in which i 
the range of variation of concrete strength is considered in the specification 
of the design strength. Unfortunately even this new ‘version of the Code fails 
to consider an integrated rational concept of safety. The introduction of load- 
factors only replaces the single conventional so-called factor of safety by two 
: separate factors for dead (basic) load and for live load. It recognizes ~~ 
the impossibility of rationally specifying “load-factors” without reference t to 
a specific set of loading conditions and their probability of occurrence, nor 
the irrationality of segregating safety with respect to material strength from > : 
ta with respect to various load-effects. . The specification of separate load = 
factors (based largely on guesses) instead of the evaluation of integral factors 
= for unserviceability and for failure, based on probability considerations, ee. 
no way reflects the recommendations of the Committee and completely dis 
- Tegaras the principal thesis of its report., i.e. the necessity of correlating = 
factors of safety and factors of serviceability with probabilities of failure and = 
| probabilities of | becoming unserviceable > respectively. . Without such correla- 
basic discrepancy between the Committee’s approach to structural 
2 ‘a and the specification 0 of separate load factors is clearly and concisely — a 
pointed out in Mr. Walther’s discussion, with the conclusions of which the Le 
| Committee is in complete agreement. His statement that, inthe lightof = © 
probability considerations, separate load factors become in fact meaningless, 
and belong to a concept which is entirely « different from that advocated by the © 
Committee, is as pertinent as is his further remark that the lack of ratonali- 
_ty of the load-factor concept i is an inexhaustible source for argument and © a 


questionable contentions concerning the particular combination of load factors _ 
to be selected out of the infinite number of possible combinations pertaining _ 
ye a poems: probability of failure. 
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The s principal thesis is further elaborated and illustrated in in 
Mr. Basler’ '§ discussion | which could well serve as an amplification of the 
Committee’s report. ‘Particularly the point ‘concerning the difference in the 
minimum required factors of safety for single-load-path and multiple-load- 
path structures is well taken; it is a distinction well-known to aircraft de - . 
signers and reflected in their rules of “fail- -safe” design | of airframes. ry) 
_ Mr. Walther has clearly recognized the basic difficulty in the probability ee 
_ approach, which is in the choice of pertinent probability distributions. The 
mm presentation, in the Committee report, of the discrepancies between factors | 
_ of safety based on the normal and those based on the log-normal distribution 
- is mainly intended to illustrate the irrelevance of the normal distribution in _ 
; _ structural engineering problems. In the numerous series of observations of 
: the variations of material properties as well as of loads reported by various © 
4 authors in different countries, distributions closely approximating the normal 
_were hardly ever encountered, while practically all observations can be fitted 
either by a log-normal or by one of the three types of asymptotic distributions — 
of extreme values. Further regarding the normal distribution, one of its tails 
—_ to minus infinity, whereas values below zero are impossible. ~The = 


a 


~ 
Th 


_writer’s own experience in attempting to fit theoretical distributions to ob 
servations of strength properties as well as to the values of loads suggests 
the former are well represented by log-normal distributions provided 
they arise from production - processes subject to adequate control and inspec- 
tion, but are better represented by the distribution of smallest _ 
in the control is inadequate(1: a) whereas the latter are best fitted 


~ 4a 


by the asymptotic distribution of largest values. fate va 
al Both Mr. Basler and Messrs. Vorlicek and Suchy favor the Gamma distri- ' 
_ bution (also known as Pearson type Ill) for the representation of the random ~ | 


- 


 wastabion significant in structural engineering; _ the latter illustrate the pres 


adaptability of this function by fitting it to observations of concrete compres- 
__- Sive strength and of yield stress of reinforcing steel. " While Mr. Basler’ Ss 
arguments in favor of this function are certainly valid, they apply equally well 
to the extremal or double-logarithmic distributions and to the logarithmic- “lk 
hormal distribution, both referred to in the Committee report. In fact it has 
been shown by E. J. Gumbel,(2) that within certain ranges of the coefficient of 
variation no distinction is possible between the extremal distribution on the _ 
one hand | and either the gamma or the logarithmic-normal distribution on the © 
other. In general, therefore, the choice between the three principal types of 
skew distribution has to be based on physical arguments rather than on sta- ot: 
_ tistical curve-f fitting, particularly since the regions of principal interest are a 
_ those of extremely low probability (tails « of the distribution) which are » outside 4 
‘ - of the range of direct observation. . Different physical mechanisms will produce 
different distributions. _ “Extremal” phenomena, as for instance f floods, on 


& 


and fracture v will, by | and large, produce e extremal distributions; s; Cramer(3) a 

has indicated a specific mechanism which produces a logarithmic - -normal dis- 
_ tribution, while one of the writers(1b) has illustrated a physical mechanism ne 
‘producing a ; a gamma distribution. . Of the three distributions the various types _ 

_ of the extremal distribution are undoubtedly the most versatile. Since tables | 


these distributions have been computed and published by the ‘National 
if 


Bureau of Standards, (4) their application is not difficult. . The fact that these \a 

distributions are designed to represent extremes (smallest values of strength — 
"properties and largest values of load-effects) makes them particularly suita- — 

ble for use in | safety analysis which, basically, can 1 only be concerned with - in| 
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DISCUSSION 


oe currence of extremes and the estimate of the associated 


= that the Progress Report does not also include numerical data per- 


taining to factors of safety based on extremal distributions is due to the fact iy 
that at the time of the completion of this report rigorous analytical methods _ 
_ for their evaluation were not available (the method by one of the writers, (1c) — 
only an approximation) rather than to any preference for the log-normal 
distribution. The analytical difficulties have, however, been overcome and | 7 
values of factors of safety based on extremal distributions have 


computed and will be included in a future report. 
— Mr. Walther’s objection to the use of the mean value of the frequency 

, curve of long-time traffic observations as the mean value of the design load _ 5 
is well taken. The Committee did not intend to recommend such use and en- 

] dorses Mr. Walther’s statement to the effect that the mean value of design a 


— -effects should be taken as the mean value of probable maximum load- 


e 
=. Mr. Ruble doubts that “the methods of attack ‘covered in n the paper — 
be accepted by writing bodies to establish definite factors 
for design purposes,” presumably because of the “many practical factors — > 
which must be considered-” and because of the fact that the “_--engineers e 


_ responsible for the design and maintenance of structures - are going to 
base their recommendations on past experience. aie By discussing in 1 some de- 
Bee the various “factors” that have to be considered he provides, however, a 
the most conclusive arguments for the statistical-probability approach to the | 
concept of safety. ‘itis fairly obvious that in the design of railroad bridges, — 
_ with which Mr. Ruble is mainly concerned, the statistical variation of the i 
static traffic loads is much less significant than in other types of structures, y. 
_ since the maximum train load will usually qualify as a load of fairly high fre- : 
quency of occurrence, and considerations of future trends may outweigh all. ¥. 
_ other considerations. In most other respects, however, Mr. Ruble’s “factors” . 
- can n hardly be dealt with rationally by any other but a statistical approach ca ¢ 
How else can. “past experience” be formulated and used for prediction of _ 
ture variation? Statistics is, in fact, nothing else but a body of methods for © 
making, on the basis of past experience, rational decisions in the face of 


_ Thus, for instance, the dynamic — effects which are subject t to the m many a 
uncertainties enumerated by Mr. Ruble can certainly not be dealth with by at 

. functional analysis. Hence no other alternative exists but to collect the “past 
experience” embodied in the field test results and to present it statistically 
in such a manner that it can be used for prediction of the expected range of 3 
variation, as a basis for “rational decisions” in connection with the design of 
structures for future service. "(The clause underlined above cannot be ee, 
emphasized too strongly.) “Such an approach was recommended some thirty ps 
years ago by Professor N. Streletzky,(5) one of the foremost Russian rail ee 

_ After listing the many uncertainties characteristic of the material proper - a 
ties, all of which are currently dealt with by statistical methods following © be 

"recommendations by the ASTM and other organizations, Mr. Ruble turns 

: around and asks “what will be gained by making a statistical study of the 
_ Variation of the static loads crossing the structure?”, as if this were the only -- 

- subject the Committee report was concerned with. pong respect to railroad * 

_ bridges the answer to Mr. Ruble’s question is clearly: “nothing will be _ 
gained since these variations are immaterial in | this: case. as pointed 
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‘structure t the design 1 load of which is identical with 
-maximum static load pattern. This fact, however, does not invalidate the P 
_ probability approach to the safety analysis of such bridges, as there are z . 


‘many other uncertainties besides that of the static weight of the traffic loa load, 
most of which have been listed by Mr. Ruble. Filo 
me In his closing remark Mr. Ruble states that “the railroad committees are | st: 
7 in no position at this time to say what factor of safety should be used for rail-— th: 


road bridges. ” Admittedly, it is not an easy task to establish such a factor; 
Societies would ewe found it desirable to establish committees to attempt to ry = an 
deal with this problem on a rational basis. It is, however, a safe prediction 
that the railroad committees will remain in the same position unless they © 
avail themselves of the modern rational methods. It appears advisable f 
- gelect probabilities of failure which are considered sufficiently low, for > wi 
ample 10-6 or 10-7, and then compute factors of safety from these probabili- 


and the other pertinent parameters. 

- There is only one point in which Mr. Archibald appears to dissent from a el 

r approach to safety expressed in the Committee report, and that is in his be- eee 
lief that “where danger to human lives is involved in the design of structures” 

= definition o of the minimum require tc 

of the minimum estimated resistance -- —— - of a large number of (nominally es § on 

- identical) structures and the maximum load-effect for which the (particular) | 


structure is designed. ” A prime objection to this formulation of the factor 


safety is the subsequent definition of the maximum design load as “the maxi- 
mum load that a structure would sustain at or before failure,” in other words _ 
as the carrying capacity of the structure, which is “usually arrived at through 

_ the use of the live load factor --- | equivalent to two, three or four times a = 


Oo 


_ design load using working stresses. ” By this definition of the maximum de- --s 
sign load the factor of safety appears to be made a function of those working | 
stresses the use of which it is supposed to replace, or of an arbitrarily _ te 
selected loaa factor the concept of which is incompatible with the probability 
approach to structural safety advocated by the Committee. The implication | 
_ would appear to be that the use of a load factor “equivalent to two, three or 
four times a design load” (the relation of which to the actual loading condi- 
tions is left unspecified) provides a more reliable approach to the estimation _ 
of a maximum load than the use of statistics based on past observations. 

Only a strong belief in the inapplicability of the statistical approach to load- ed 

_ analysis could justify such a conclusion. Mr. Archibald’s discussion of this 
aspect of the problem is, , in fact an ‘expression of such belief, which is es : 

_ partly by the argument that “it cannot be left to chance that certain combina- re 
ee of neavy loads will not occur ---- when the human mind controls these 1 . 
sequences,” and partly by a suspicion, based apparently on experience with 
_ misapplied statistical arguments, that statistical theory is unable to describe ‘ me 
iy 


There can be no quarrel with the argument that “ “when a fleet of trucks de- 


sign assumptions of highway bridges will necessarily resemble tho those of 
road bridges, with a “standard train” ” made up of rane sequences of the — 
ia 
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‘The suspicion that statistical theory, applicable, con- 
tradicts “the facts of life” is, however, unfounded. Only when the selected 
method is in error do the conclusions based on it contradict reality. Thus, _ 
the apparent discrepancy between the low “a priori” probability of occurrence © 
of a certain heavy load unit and the ; surprisingly high incidence of relatively — 

_ long sequences of such units can be resolved by the application of the relevant 
- statistical theory of “recurrent events’ ’ or “runs” to all occurrences during ~ 
the estimated service life of the structure or parts thereof, rather than that — 

_ of the binomial or Poisson distribution to individual occurrences, to the in a 
_ discriminate use of which Mr. Archibald rightly objects. For instance, with | 

an assumed average frequency of 5 heavy trucks per 100 vehicles ym a had af 

fic volume of 500 vehicles per hour, the probability of at least one “ ” of a 

4 consecutive trucks in 24 hours is as high as 0.069, which means that “runs” ia 

of at least 4 trucks must be expected to occur at an average once every t two 

an assumed | average fr of 10 heavy trucks per 100 vehi aa 


— called “return periods” of runs of at least 4 heavy trucks are e obviously 7 
: too short in relation to the expected | life of a structure carrying such traffic = 
i to qualify as maximum design loads. (unless the structure cannot ‘accommodate — 
more than four trucks) although on a purely statistical basis the “ return 
: period” of structurally significant runs of at least 4 trucks, that are runs at 
it closest spacing, is much longer than that estimated above ond valid for aver- 
' age spacing. However, with respect to the use of statistics to the prediction | : 
of traffic pile-ups, Mr. Archibald’s objections are probably valid, since suc a 
nf pile-ups caused by maintenance and construction are likely to be much more | 
_ frequent than predicted by the statistical theory of “ random bunching.” 
a Without statistical consideration of the pile-ups in terms of vehicle | cue 
distance, the relatively high frequency of occurrence of long sequences of of 
heavy units predicted by the statistical theory of runs shows that this theory 
_ not only represents the “facts of life” quite adequately but leads to conclu- 7m, 
_ sions: which, on the basis of actual short series of observations, would be con- 
‘sidered as rather “unlikely,” and thus to an apparent over-estimate rather 
‘than an underestimate of the probabilities of extreme loading sequences of wre 
structural Significance. In fact, the surprisingly frequent appearance of 
tiv ely long sequences of unlikely loads might give rise to the unwarranted — 
conclusion that such sequences are the effect of deliberate control, while they 
are nothing else but the | result of perfect randomization. This phenomenon, 
with respect to other random events, has been well-known to statisticians | = 4 
I since the second decade of this century, when the statisticians v. Misesin _ . 
Berlin a and v. Bortkiewicz in Vienna combated various attempts by philoso-— 


to introduce special “laws” of “serial occurrences” or bunching,” 


explain the surprisingly high observed frequencies of occurrence of long se- — 
quence of events the a priori probabilities of which seemed to exclude the — 

possibility of such occurrences. ona purely statistical basis. (6) 

Quite independently of whether or not the safety of the structure involves" 

~ danger to human lives, unless load sequences are arbitrarily controlled, as 
in the case of railroad trains or truck- -convoys, ‘no valid objections can be 7 
raised against the use of wong based on past observations for the pre- ft 
diction of future load- effects. The maximum load- effect is therefore usually — 


associated with a probability of occurrence which, when combined with the 
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probability of occurrence of a carrying capacity lower than this 
_ - maximum load-effect, will determine the probability of failure of the struc- 

_ ture, under the assumption of an ultimate design with a factor of safety of =| 
one. In principle this approach | does not differ from the approach outlined in > 
_ the Committee’s report, based on mean values. In either case, one must 


realize that if a large number of cases are cmutbuted a certain percentage } 


of the material in place will not meet the design requirements, while a cer- 
tain probability of occurrence of load-effects higher than that used in design | 
will always exist, unless the structure is loaded to capacity with the rerigmamit 
_ possible loads, a condition which appears rather unrealistic for any, but rast 

relatively short- -span structures, and is certainly not considered in the cur- . 


4 


rent design specifications of medium or long span structures. Whether this 
———— or probability is high, as in the case of mean design values, or ~~ 
very low, as in the case of extremal design values, affects only the msnecicel 
value of the resulting factor of safety (which is high in the case of mean de- | 


sign values and low in the case of extremal values) not | the inherent ‘Safety of 


— 


or 


the design measured by its probability of failure, since in either case the 
— of failure can be made the same. The assumption oe absolute 


be based on absolute maxima or minima, with an associated 
of failure is simply an illusion. In this connection reference may be made to 
the second paragraph of the Committee report. = W 
The fact that actual failure rates of structures are extremely low, only 7) 
“suggests that the probability of failure implicit in current design practices, cs 
_ whether quantitatively evaluated or conveniently disregarded, is sufficiently 
— low. Ordinarily, it is not the designers responsibility to assess the probable 
safety of his design, beyond the necessity of meeting the specification require- 
ments; this assessment should remain the responsibility of the specification ; 
_ writing bodies. It is however, the duty of those bodies to establish a rational 
_ measure of safety with the aid of which the safety of various designs or the 
_ comparative safety of the various parts of one and the same design can be > 
- compared. Such a measure is provided by the probability of failure. =| : 


a than pretend that in good designs this measure can and should actually be 
eliminated (because of the implication that a structure designed on its an 
: is not absolutely safe) in rational design specifications this measure should _ 
_ be utilized to achieve a reasonable balance of safety throughout. Such be a9 
balance cannot be achieved by the simple guess work procedures upon which | 
_ current safety or load-factor specifications are based. In choosing values 
‘for probability of failure, or of becoming unserviceable, the type of failure _ 
= its consequences should, of course, be given consideration. tt 
The Committee expresses its thanks to all amet for rane important 


Safety and the Probability of Structural Failure, M. 


ASCE, Transactions Vol. 121, 1956. = 
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LATERAL BRACING OF COLUMNS AND BEAMS® 
Ps. Closure by George ‘Winter 


GEORGE WINTER, 1 M. ASCE.—The lively response to this paper is  _ 


} "greatly appreciated by the writer as an indication that his contribution will 
7 be of use to the profession. The writer is gratified not only by the questions ~ 
asked by some of the discussers but particularly by the fact that two of the 
_ discussions considerably extend the range of the methods he has proposed. 7 
i... _ Mr. G. G. Green’s contribution supplements the information developed by 
_ the writer in that it permits one to compute the load capacity of a column if 
the bracing system supplies less than “full bracing. 5 > In this case use must — 
» made of the detailed theory of elastically supported columns, for pies 
in the form presented in Fig. 9 of the writer’s paper. | (That figure, as stated 
z the paper, was taken from Refs. 3 and 6 of which Mr. Green was a an 
author while doing graduate work at Cornell University, a fact which he — — 
modestly failed to mention in his contribution.) The reader may be some- EW 
>= confused by two evident nt misprints in the first paragraph of Mr. Green’ s- 
contribution: ‘His Fig. 1 is a re-plot in terms of Pe of the writer’s. Fig. 9 - 
: -_ than of his Fig. 1, as mistakenly stated). Mr. Green has chosen a 


“tive ‘carves. given. on the w: writer’ s ; Fig. 9. In order to use Mr. Green’ s 
for all possible values of Kact <Kreq | it is necessary to have the the complete — 


information on n elastically y supported column for the entire | range efrom 7 
re = 0 ‘to Kact = kreq- This information is contained in the writer’ 8 Fig. aa 


and is given in greater detail and with sufficient accuracy for design pur-— 2 
a us Mr. Green’s method for “less than full bracing,” as illustrated in the 
A ‘second part. of his. ‘numerical example, can be stated in n general terms a as a 


Given the column, point - supported at n points, k of 


Ye 1) Compute the actual strength Sact of each of the eae, i. e. the maxi- 


| 
“mum reaction from the column which it can withstand. Lael ‘Sa 
2) From this, » the maximum deflection dmax = = Smax/k t to which | 


the brace can be s subjected without failure. 


) For the given -k and the given column dimensions, find the critical load 


Por of the “ideal” elastically supported column. ‘This | can be done approxi . 
_ mately from the writer’s Fig. 9, and with better accuracy from Ref. 3 (i.e. 
‘Proc. Paper 1561, ‘March, 1958, by George Winter. 
Prof. and Head, Dept. of Structural Eng., Cornell Univ., 
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from ‘the equations on pp. 11 to 17 or from wigs. 


The load on the column is now determined from the 


: requirement that the bracing deflection caused by this load shall not exceed | 


— dmax as determined in step (2). . For this purpose the first equation in Mr. 
Green’ s contribution is utilized which, in terms of the present notation, is 7 


allowable load is then obtained dividing safety factor, 


as indicated in Mr. Green’s example. = 
should be noted that the equation d = by 
- Green as indicated in step (4) above, to the writer’s knowledge has not been 
; nee rigorously proved for elastically supported columns. , However, apart from | 
_ being a close approximation in most elastic stability phenomena, its applica- 
bility to elastically supported columns has been demonstrated by some 28 ~ 
tests reported in Ref. 3, covering a wide range of variables.) ree fee 5! ot 
a - ‘It is interesting to note the following from Mr. Green’s numerical example: 
7 _ The channel column, when “fully braced” according to the writer’s s require- — 
ments, would have an allowable load of 55,500 lbs., as shown in the first part — 
of his example. Mr. Green shows that if the bracing which is actually fur- 
nished has a stiffness as small as one-third of that required for “full bracing, 
_ the allowable load is only reduced to 34,500 lb., or to 62% of the fully braced 
ae. it is seen, however, that deflections in 1 this: “partially braced dengue 


braced column in Mr. Green’ 's example, ‘under its capacity load Pult = 1 


105,500 lbs. has a deflection of only 0.36'' or 1/1000 of its length, the “ par - | 
; tially braced column” under its much smaller capacity load of 65,500 lbs. has 
4 deflection of 1.07 in. , three times the previous value, or 1/340 of its length. 
For ts reason, when using Mr. Green’s aan for “partially braced col- 


the bending moment 


It is that Mr. Green’s example illustrates the of the 
a writer’s proposal to design for “full bracing.” This is seen to result not only 
a: a stronger but also in a much more r rigid column. 7" It is for this condition 
that the writer has developed his very simple method. Mr. Green’s compli- 
mentary approach permits one to ascertain the effect of “ partial bracing” 
with relative simplicity, if such partial bracing is encountered in some ‘spe- 
‘cial situation, such as when checking an an existing structure. nee ; 
Mr. M. A. Larson extends the scope of the writer’s investigation in another 
=e . He points: out that in many cases bracing to compression members 
or flanges” is ‘provided in a manner different from that analyzed : in the paper. 


_by rigid diaphragms (floor or roofs) ‘spanning parallel to the to-be- braced _ 


4 eee from each other. . Mr. Larson points out that if bracing is ene 


— 
— 
fi 
From this it follows that 
4 
q 
4 
| 
ly 
— 
2) Check whether the sectio 
| 
4 
il 
— 
— _ . 


DISCUSSION 


_ members and gupported 2 at the ends by shear wz walls or other rigid parts of the a 
_ structure, then a different kind of action ensues. _ Such a system is schemati- _ 
“cally represented by the writer’s Fig. L or Mr. _ Larson’ 's analogous | Fig. 1, 

- (the jacks at B and C being removed). The 18 WF 50 girder AD carries the — 
_ floor beams BE and CF. _ These, in turn, support the cellular steel decking — " 


to the shear walls which pass through A and D. “Tt i is evident that the top a 
flange of the girder can buckle only if the entire diaphragm distorts as shown 
by Mr. Larson. This case indeed appears to be somewhat different | from the = 
_ writer’s” “spring supports” (see his Figs. 2 through 7), but can be readily — 
- reduced to it as will be shown below. Mr. Larson simplifies his system for 
purposes of analysis by assuming that the diaphragm’ s entire ‘resistance to 
distortion is furnished by its shear rigidity. In numerous diaphragm tests ‘at 
Cornell University that share of the total deflections which was caused by 
shear distortion varied from about 2/31 to 5/6 of the total deflections, the rest —_ 
- being , due to flexure of the deck plus marginal ‘members acting as a} pl iate gir- : 
der. The assumption of ates the entire deformation to shear is, there- 
“ Mr. Larson implies that by far the most frequent type of actual bracing is 


of this shear diaphragm variety, and that the writer’s “elastic braces con- — 

nected at the far ends t to points fixed in 1 space” hardly occur in actual struc-— 
o tures. The writer is well a aware that on the West Coast, in view of seismic — 

_ requirements, rigid shear diaphragms are almost universally used for floors 
and roc roofs. Under t these conditions it is evidently most to 


~ seismic construction roof elements (such as standard den roof decks, SyP- 
- sum or concrete plank, etc.) are not usually connected to form rigid dia- - aan 
phragms. Bracing in mill-type buildings is then furnished by providing braced 
_ bays every so often and by bracing compression members in the other bays, — 
-: as top chords or top flanges: of roof trusses or girders, by comecting | 
them to these braced bays along specified lines (such as by purlin struts). 
int same kind of bracing is furnished for the columns in regard to <a 
in the direction of the non-rigidly sheathed walls, by connecting girts or simi-_ 
lar longitudinal bracing members to the braced bays. Since the rigidity of the 
braced bay is very large as compared to that of the to-be-braced members e 
; “the writer’s ’s independent spring supports are closely approximated and his 
method permits the « dimensioning of the bracing members just mentioned 7 
Numerous other such situations occur, such as the inner leg of a mill building 
column mentioned in the writer’s introduction. 
‘The conclusion to be. drawn is that both Mr. Larson’s and the writer’s = iq 
br bracing systems occur, depending upon the specific situation. piste a 
7 _ Turning now to Mr. Larson’s apparently different treatment of the writer’ s- 
example, it will be shown (a) that his treatment reduces identically to the — 
writer’ S, (b) that it is by no means irrelevant, contrary to Mr. Larson’s con r 
tention, whether buckling is assumed to occur in the mode of his ‘Fig. 3a or 
that of Fig. 3b. While the two result in the same required shear ‘rigidity Bo 
defined by Mr. Larson, only the mode of Fig. 3b results in the maximum, and 
therefore governing, strength requirements fer the bracing aa  ° 
- Referring to the writer’s Fig. 5b it is seen that the shear distortion in the = 
two exterior spans is d/L and in the interior span 2d/L. Consequently, using 
Mr. Larson’s shear » the forces in corresponding portions 
of the agm are 
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in terms of Mr. Larson’ Ss shear the same all 


in — of the writer’ 'S spring constant k. Hence, if — is provided by 


for the case at hand, gives the relation between Mr. Larson’s nti 


For the buckling mode of ‘Fig. ‘5a, | similar ‘simple reasoning 


Gq = = P,/L and for ware former kia = 3P P/ 
writer’s Eqs. (a) and (6)). these values are su bstituted, 


n Eqs. IV and V, above, one both 


‘which ie is identical with La Larson’ s (a). In fact, Mr. ‘Larson’ s general 
Statement that the shear ‘Tigidity Cia i is independent o: of | both the ‘humber 


However, , his statement that the abit mode is also irrelevant in iia 
to the required strength of the bracing system is erroneous, as is easily _ =P 
= demonstrated by the same example. It is first necessary | to specify what is 
meant by “strength” in the case at hand. For the given ‘system to function _ 
a adequately, (a) ) the shear strength of the diaphragm proper and (b) the strength 
7 of the connections between floor beams and girder must be adequate, ,in- 
-dividually : and separately . Neither | of these is identical with the quantity Sreq_ 
computed, but not defined, by Mr. Larson. For the present purposes call 
Vreq the shear strength of the diaphragm and as before in the writer’s paper, 
Sreq t the strength of the beam - to- -girder ¢ connection. 


a> Then, for the case of the initially distorted top flange one obtains, for —_ 


_ using either Mr. ‘Larson’ s method or the writer’s nia and Eqs. IV and ar 
above. The maximum shear force | on the diaphragm is now obtained by sub- — 
3 stituting this value in the expression for Vjp+ (see Eq. (I), above), which <i 


¥ 


Vreq = 4. 58 kips. 
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= (a/b) Vi, =2gt(a/L) 
— 
TF _ members, then for the buckling mode of Fig. 9b, equating the two above a 
‘press 
hich 


The maximum required connecti n ‘Strength is obtained »btained by 


in Eq. (1) for the interior react on F, which pest! 
a This is identical with the writer’s original value for the case of Kact = = Kreq_ 


in ‘Mr. _Larson’s s terms, ! * Treg): Neither of these values checks 


with Mr. ‘Larson’s ‘Been: = 2.3 kips, which is is seen n to be unsafe. 


computation shows that one- -half the above value would have been 


obtained for and on and one- -third for Sreq values which are also evidently 


unsafe It is thus seen that the investigation of the correct buckling mode is 
just as necessary for bracing by shear diaphragms as- for bracing by elastic — 
springs, contrary to Mr. Larson’s ; contention. 
_ It is not maintained that the above disposes of the general problem of 
pe diaphragm bracing. In ‘particular, Mr. Larson’s Eq. 1 (Eq. VI, , above) — 
2 intriguing in its simplicity. Also, cases of three and more interior sup- — 
ports may not as easily reduce to the corresponding cases of spring supports. 
Finally, it is admitted that the way | in which the writer used the quoted | re- 
sults of the diaphragm test to derive Kect = = 100,000 lb. Jin. for his numerical © 


example may have been excessively conservative for the given buckling mode. — 
In regard to support, Mr. Larson first poapeses a different 
7 method for finding en in conformity with classical theory. . Whether one = 
prefers Mr. Larson’ the writer’ s method, or whether one prefers to use 
i: a curve such as on the writer’s Fig. 9, is a matter of taste, since all three a 
methods are simple and give identical answers within engineering accuracy. 
_In contrast to the point-supported case, Mr. _Larson’s analysis of a com-— 
7 pression member continuously supported in a medium which possesses — 
i shear rigidity is very interesting indeed and leads to results of great sim- 
_ plicity and relevance. While the writer has not checked all the sa 


* this problem, he believes the method to be correct and thinks that this por-— 


aa In passing the writer wishes to draw attention to the lack of published data 2 
| on strength and rigidity of diaphragms, particularly those made up of cellular — 
steel panels and of steel roof decks. A tremendous amount of full-scale test - 
ms of such diaphragms has been done in recent years, mostly on the West 
Coast, in part at Cornell University, and in other places. The fact that all 
_ these tests were made on proprietary products, so far has prevented re 
the results available to the profession at large. The present investigation > 


(both Mr. Larson’s contribution and the original paper) illustrate to what ex- 4 4 


tent such data are needed for intelligent and economical design. - Some way 


ought to be found to make these data available to the profession in a form - 
Which would be useful for r design violating justified, pro- 


- what extent, if any, mere friction between a floor and the supporting beam — 

should be relied upon to provide lateral support to the latter and, at the — 
; extreme, what justification there is, if any, in the frequent textbook statement 


a 
— 
(Iv) 
and 
— 
ang 
= 3P/L i 
ively, 
— 
(VI) 
— 
eral 
of 
q 
regard 
ly 
atis 
ion | a 
strength — 
| 
Sreq 
allo 
paper, 
or both» 
a 
ot 
P| 
= 


‘The writer’s numerical aw an WF girder of 30 ft. span shows 
indeed, as stated in the paper, that “mere friction would suffice to develop the 
_ force required for lateral bracing” for the loads and dimensions of this spe-_ 
a cific example. The very next sentence, however, reads: “This: is not to sug- 
gest that such friction should actually be relied upon. . and goes on to in- 
dicate one of several minimum shear key measures which will provide more 
than “adequate ‘Support even for zero friction. It is clear that the proposed 


7 — the timber | planking mentioned by Prof . Johnston ¥ will ominaiiie not 
7 be interconnected to form a rigid diaphragm and, therefore, may not have any 
_ bracing value of its own, in contrast to a monolithic concrete floor. On the 

other hand it is believed that the proposed ‘method is ‘sufficiently reliable to 


answer Prof. Johnston’s questions as follows: EE 


by yy measures much less restrictive than the embedment of the 
flange in concrete. That textbook statement was an acceptable and conserva- 


cal tive advice as long as no positive, quantitative e information was available, » but 
be discarded a as excessively restrictive. On the other hand, as indi - 


4 


: even if computation indicates this to be adequate. . He would provide a mini- 
‘mum of shear connections in conformity with | calculations, by whatever means 
appear most economical in the given case, such as welded studs, light bolts bs 
special clips, nailing where such is possible (as in many li light - gage steel 
Prof. William Zuk lists a number of special situations for which he would | 


wish more accurate methods used than those proposed by the writer. He 


paper (which + was s duly quoted : as Ref. 4 by the writer), but generally in in a font 
a = complex or too special for design use. He concludes by saying that “The 
- contribution is a valuable one but perhaps not a final one.” ” The writer would 
a ~~ to add that no contribution is ever final and that it is precisely this fact 
ee which makes for the zest in research as an occupation. = a 
— is repeatedly stated in the paper that the writer’ s sole | purpose was to 
: develop a reliable approximate method sufficiently simple for the usual design 
purposes. To take an analogy, there are many situations in which the presemt- 
: ly accepted parameter Ld/bt for lateral buckling is inapplicable or mislead-_ 
ing. Yet itis valuable if used with discretion, and is a better crutch than * we 
_ have had before. _ It is hoped that the present paper, likewise, will be found to 
is _ be a better crutch than we have had before. . The writer | fully agrees: with 
- Prof. Zuk that this should in no way stop further and more refined research — 
into the various phases of the bracing problem. He also agrees that his 
aes were never intended to >) apply to the problem of compression chords — 


‘penile as approximations in the preliminary design. A considerable, and 

very adequate, body of literature exists on this special, important problem. 
Mr. _A. Chibaro’s complimentary remarks are much appreciated. _ pea al 
Mr. F. E. Fahy, Technical Adviser, Bethlehem Steel Company, Bethlehem, 


-— Pensyivania, in an inquiry received too late for publication, asks the follow- 


with rather than ac a aenhetitute encineeringe indcement This meanc 
> 
— 
| 7 
| 
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™ dealing with cases of multiple support, such as in Figs. 5 to 7, or all a 
continuous support, should not the value of the initial amplitude do, to 
_ be used in computing the required strength of the restraining means, . 
: be that for the half wave of the buckled shape or column? This is as" ; 

; illustrated in Figs. 6 and 7. The problem arises in dealing with a long = 


strut that is initially bowed in a single half wave of considerable ampli- — 
tude. A slender strut with an overall length of 20 ft. might ve > 
_ have an initial deflection at its mid-point (d, in Fig . 4) of something | 
like 3/4 in. However, if it is supported at several points, as in Figs. 6 : 
and 7, should not the value of d, to use in Eqs. 17 and 25 be some ap- a 
propriate fraction of the total 3/4 in. amplitude?” 
‘This question is really outside the writer’s competence, since its answer — _ 


ble to _ depends more on rolling, fabrication and erection practices than on analytical — 
considerations. For multiple support the ‘most unfavorable and analytically 
ipport is Bree convenient assumption has been made that the initial distortion is affine 
nt of the to the buckling shape (see e. g. Fig. 6). It was stated that this is an assump- a 
nserva- tion of low probability and, therefore, quite conservative. if it were true that | « 
ble, but long struts are likely to be bowed initially only in a single half wave, as im- | 
sindi- | Plied by Mr. . Fahy, it would evidently be justified to take an appropriate frac-_ " 
n alone tion: of the total amplitude for do in case of multiple support. _ On the other = 3 
mini- hand, straightness tolerances usually are so worded that they do not rule 
or means out S-shaped members with maximum amplitudes at one or both crests equal © 
t bolts, 7 to the full tolerance. In testing as-received, rolled members the writer has — 
teel 4 repeatedly found them to be S-shaped, although their amount of crookedness 
rarely approached the value of the full straightness tolerance. 
— fabrication and erection, _ additional crookednesses of single or multiple wave q 
He shape are likely to be superposed on those of the member as- -rolled > la 
own = This emphasizes the fact that, as design procedures are being refined, + ; 
oo Sein greater attention is needed to tolerances of shape, and that this is a matter 
at “The for those responsible for design specifications and codes, as repeatedly in- 
»r would dicated in the paper. Pending such determinations, those connected with | q 
rolling, fabricating and erecting, as Mr. Fahy himself, are better able to gy 
| judge what conditions are likely to obtain in the finished structure than the | _ 


ual design ____It is evident from the analysis presented in the paper that for multiple sup- . 

e present- port the required strength of the bracing is considerably less if the initial - fo 

nislead- shape is a half-wave of amplitude do than if it is a multiple wave curve affine. @ 
than we | to the buckling mode, with the same amplitude do. Ifthe writer were touse : 
.found to | his method for design, without appropriate guidance by | codes, he would, there- 
“a ee _ | fore, use for the determination of d, the total length of the member divided — 


by the number of intermediate supports (i.e. 3L/2 for Fig. 6, 41/3 for Fig. 3 


esearch 
Taking this length as basis, he would then determine do as two 
: yor _ three times the straightness tolerance stipulated for that length in the perti- Ag a 
except Hy nent design code or specification. To take such a multiple appears necessary 
le. a z= account for the | possibility of actually S-shaped members, for the additional 
hhine = influence of possible eccentricities, and for such other imperfections of align- oe 
ment as may be caused in fabrication and erection. 
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_ MOMENTS IN RESTRAINED OR CONTINUOUS BEAMS BY THE = 
METI THOD OF PARTIAL MOMENTS* 


HARRY POSNER, M. ASCE.--The suthor is -y thankful to the e engineers 
_ whose discussions appeared in the Journal of the Structural Division in the 
following order: Messrs. William Walker and Joseph T. Kolibal in the July ee 
: issue, Mr. A. A. Eremin in the September issue and Mr. Lembit Kald in the 
_ November issue. It isa source of gratification to the author that busy engi- 
neers have taken the time to test a new method of approach to the analysis of 
— beams in order to appraise its value in practical application. _ 
- It is noted that Messrs. Walker and Kolibal feel that the application of the 7 
direct “Moment Distribution Method” which they had been using for a number ~ 
of years gives results more quickly than the proposed method. It is regret-_ 
table, however, that they have not indicated the manipulations they had to go 
through in order to set up their constants. It is also regrettable that they — 
not carried their computations to a point where the moments are expressed in 
terms of the loading “W” ” but have instead applied their constants to arbitrari- 
ly assumed values of Mc_p D and Mp- Cc It is interesting to note that Mr. . 
Lembit Kald, using the direct “Moment Distribution” method found the — 
“Partial Moment” method worth while as a time saver. Of course, itis — 
understandable that procedures to which one has become accustomed through | 
repeated usage would seem and be more expeditious than a new method *”- . 
A. A. Eremin’s endorsement of the “Partial Moment” “method is very 
gratifying, indeed. The graphical construction shown in Fig. 2 of Mr. Eremin’ Ss 
discussion can no doubt be used to good advantage for the purpose of obtaining — 
the “Partial Moments” ” (Step Two in the author’s solution). The engineer is 7 
given three choices for getting Moments, namely: 


The method offered by the author. 
2, The graphical method offered by the author. 


3. The graphical construction offered d by Mr Mr. gabe 
-” In the | final a it will be up ti the engineer er at work to make his. choice 
of tools when faced with the task of solving thistype of problem. = 


‘The author feels particularly indebted to Mr. Lembit Kald for taking pains 


} to set up the solution of a problem. in two parallel columns, ¢ one for the © 


_ author’ s method of “Partial Moments” and the other for the “Direct Moment 
_ Distribution” method now in general use in one form or another. That he — 
found the author’s method (using the analytical solution) attractive and time 


saving is very encouraging. 
a. Proc. Paper 1567, Beets 1958, by Harry Posner. Thy 
1. of Structures, N.Y.C.R.R. System. 
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tt It is a amount ot restatence must be overcome 


) 

: in launching any new ar and unfamiliar method or procedure in the field of ap- . 
plied mechanics as in other fields. ‘The old admonition of Alexander Pope: — 


_ “Never be the first by whom the new is ps mice i 
Nor yet the last to lay the old aside. ‘= 


Still holds true and perhaps always will. 
sit is hoped that the proposed method will contribute something of value to” 


“me 


‘the busy engineer. In his own practice the author has used the method of . 
“Partial Moments” for a good many years and found it to be extremely useful. 
| _ ‘This is particularly true when dealing with problems involving trial loading : 
a investigations. The greater the r number of spans ‘covered by the continuous 
| — beam the more time saving the method becomes. The ease with which the _ 
answer can be expressed in terms of the Toadings “Ww” or adds: to the 


usefulness of the method. 
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Closure by Henry enry Malter 


HENRY MALTER, M. A ASCE. _The author wishes to to those who par-_ 
_ ticipated in the discussion. The interest in the subject, as made evident by — 


“the response to the particular article, as well as to the many other recent _ , 


articles on the same subject, indicates a growing realization on the part of © 
“many that a ‘solution to the — may 


that the discussion brought forth, although it becomes « quickly evident that 
many of the methods presented are but variations of the four general methods ~ 
a) solution of the differential equation, b) successive approximations, —¢) finite 
Mr. Dodge’s approach stems from the general ‘solution n of the basic differ- 
“a equations, and the curves which he-has presented are undoubtedly of _ . 
value to one who is familiar with their derivation, and may be used to sup- 
plement the similar type charts appearing in “Advanced Mechanics of e's 
Materials” by Seely- -Smith. It was of interest to reas that Mr. Dodge applied 
the solution to a floating bridge type of structure. 
application. of “elastic foundation” toa floating « ore » handling struc- 
ture. Itis true that on a water support a “Winkler” type of foundation is _ 


"present, and any of the above methods may be used tc to advantage. a a 
. The discussion by Mr. Ryker touches on the subject of the difficulty yot 3 
; convergence of the Vianello-Stodola type of solution. This subject of conver- ny 


gence can become rather sticky, and was not discussed by the author, a 
one of the techniques for more rapid closure 1 was employed, as correctly — 

- pointed out by Mr. Ryker. However, it is felt that the method of finite ditfer- 

ences is so much easier of application, that the ei entire convergence problem bs 
can be bypassed - - unless one is interested in the problem a as a mathematical - 


«ane and one which Mr. Reese emphasizes may be easily a applied —_— 
the use of a digital computer. Although it is recognized that the —— 
engineering profession is at present very digital computer conscious, it should 


oe remembered that there are many engineers both in the United States and 


particularly in foreign countries, who may never have access to this latest 
_ engineering device. It should be emphasized that the entire calculations for 
the author’s original pap paper were all performed with nothing more than a ten 


inch slide rule - not even a desk calculator was available at the (ime. a, 


Proc. Paper | 1562, March, 1958, by Henry Malter. 
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mentioned by Mr. Bergman was from 
the author’s original article in an attempt to play down the application of 
these techniques to building foundations - where they rarely belong. It is un- 
fortunate that the field is entitled “Beams on Elastic Foundations.” A substi- 
tution of the word “springs” for the word “foundations,” would separate the 
field from building foundations, and relegate it to where it properly belongs - - 
the “Winkler” type of support. “An excellent to hase of 


article b Po Ov. 


but 09 


2. Discussion article Ww. E. Hanson, 
“a 


tees 
— 
Proceedings Volume 77, April, 1951. 


PROGRESS REPORT OF A SUBCOMMITTEE OF THE COMMITTEE > = 
_ON TIMBER 


Closure by the 
the appreciation of the committee is herewith expressed to Messrs. “ang 
7 ° Brien and Reno for their interest and efforts to improve upon the informa- 
tion offered in the original paper 
Mr. O’Brien comments that a 14# retention is practically the optimum on 
-amount of creosote solution that can be injected into Douglas Fir, whereas | 
20# is the approximate upper limit for Southern Pine. He correctly states 
that the difference is primarily due to the treatable characteristics between | 
the species. The intent of this specification was not to discriminate between 
species but to suggest that both species be treated to refusal when used in 
coastal water locations. _ ‘The (144 retention for Douglas Fir has been found » 
adequate for such severe exposures by actual service records. — mht ae 
_ ‘There was no intent to imply that difficulty is encountered in treating — 
_ Southern Pine or any other species. The intent of Table I was only to mapent 
minimum net retentions to against the various 


and as as ; such, the 

‘committee members had an immediate unanimity of opinion that their subject 
- matter encompassed only “ engineered timber structures. p This opinion thus 
excluded (perhaps incorrectly) discussion of dip and swab treatments, paints, _ 
etc. that are commonly used in dwellings, millwork, sash and door and simi- 

ye lar mild exposure conditions of use. The Report admittedly does not specifi- 
‘cally describe this limitation and perhaps should incorporate a more descrip- igh 
tive title prior to final inclusion in Manual 17 SRS eae 


_ Mr. Reno’s statement regarding “high resistance to decay is inherent in the 


semana of California Redwood, Tide water Red Cypress, and various Sa 
cedars,” is true, but relative only. The phrases, “durable species,” “decay 
Te ” are overworked and also only 
relative, and are not ne now y considered definitive enough to seneperes ina 
Mr. Reno’s statement regarding the lack of decay in wood having a mois - 
ture content not exceeding 20% is also true. _ Here again the Report is not» 
_ solely concerned with destruction of timber by decay fungi, as Mr. Reno 7 
Proc. Paper 1637, May, 1958. 
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evidently assumes. if these same timbers that he would not treat by any 
method simply because their moisture content remained below 20% are ex- 
se to termite or other insect attack, it is believed that Mr. Reno would 


_ agree that treatment of some sort would be advisable. “ap eT 


“ ditions to bring the Report up to date. .. ‘The technological advances in “wood 
preservation within the period of preparation and publication of the Report 

: have almost rendered parts of the recommendations obsolete. . However, the 
only 1 major change to be noted here would be the addition to Table I, under _ 


“inorganic Salt” the preservative: 


Chromated Copper hein’ (Erdalith or Greensalt) 
For use under moderate loading conditions: -0. 35 #/tt. L 
For use in contact with ground water: 75 #/ft. 
Other corrections to be noted are: 


Aa. 


Py .” should Id be . . . pressure 


1637-4 
_ Under (4) Fire Retardant Chemicals: Change “Proxtexol” to “Protexol. 
a ‘Again, the committee wishes to express its thanks to Messrs. O’ Brien and * 
‘Reno for their comments, and hopes that the report will be of value to tis 


ers engaged in structural of timber. 


"Respectfully su submitted, 


= 


Sub- Committee of the Committee 


R. Richards | 
n 
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Closure by John E. Goldberg» 


Sobotka, Chang and Cooke interest which they have 4 
the of their discussions and for their constructive comments. 


pees: from the fact that the favorite method is significantly better than 
an alternate available method. " If the favored method is valid and not relative - - 

ly inconvenient, there is of course no particular reason to abandon that i 

method. ‘Among the valid methods, the choice of method is not nearly so im- 

portant as the fact that the engineer must have valid and practicable methods © 

for handling the most frequent types of problems and, at least one fundamen- 

‘tal method which can be elias to the solution of special and unusual prob- — 

* For those who prefer to vn in terms of bending ‘moments ; rather than 

displacements, Dr. Nubar has suggested an excellent variation of the author’ Ss 

equation a and procedure as well as a graphical method | for Solving atri- 

_ diagonal system of linear algebraic equations. Ao may y be mentioned that the 

variation which has been Dr. can be derived directly from 
which i is 


a. Proc. Paper 1638, May, 1958, by John E. 


1. Assoc. Prof. , Dept. of Civ. , Eng. -» Purdue Univ. oes, Ind. 
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a the formulation of methods of analysis, which have become their favorite eS iii 
technique. This favored position may result from early training or from con 
_ tinued practice, very much as the choice of a spoken language or alanguage é§ 77 
— 
— 
| 
A 
=. 


‘The expressions for the -moments may be from the 
original equations by use of the same substitution. As Dr. Nubar states, the 
_ convergence of an iterative solution in terms of the moments will be as rapid 
asa solution interms of joint rotations, 
_ Dr. Nubar’s graphical calculation of the 8-story problem which was used 
: as an illustrative example shows the remarkable accuracy which could be ob- 
tained by this simple technique if the set of equations is not too extensive. It 
may be pointed out that this graphical method corresponds to one of the 7: ae 
Several step- -by - step algebraic procedures which can be used in the solution © 
of a set of equations which have this form. As in the step-by-step algebraic | 
_method, considerable care and accuracy must be used if the structure com-_ 
“prises many spans or tiers. The accuracy with which entirely graphical scien 
- can be done generally puts a limit on the validity of the results when m more 
than a few spans or tiers are involved. 
dus _As Mr. Sobotka’s discussion suggests, the classical techniques for solving 
asset of simultaneous linear algebraic ic equations may lead to. especially simple 
procedures when the set of equations have certain characteristics. In the id 
_ present case, the matrix of the coefficients form a tri -diagonal set agg tri-— = 
angular blocks of zeros at the upper right -and lower left corners. a 
Sobotka has presented a very useful recursion formula which, taking | 


Mr. Sobotka has also demonstrated a solution, by the methods of dtterenct 
equations, which can be applied when the stiffnesses of corresponding mem- 
bers of the bent form . a geometric progression, including the constant case. 
_ The author has found these methods to be interesting and useful in these 
cases and, in fact, occasionally has taught these methods to his is students. ; 


an Mr. Chang has suggested and demonstrated a moment distribution pent i 
dure for analyzing symmetrical two-column bents under transverse 
which is a great improvement over the usual shear distribution method. A 


of the basic procedure is its slow convergence, from 


‘ block relaxation. and is closely related to the « so- -called precise ‘moment dis- 
Mr. Cooke states that he prefers distribution method which 
Mr. Chang has already mentioned but, unlike Mr. Chang, is willing to accept ‘ 
- the slower convergence which results from a carry-over factor numerically © 
equal to unity whereas Mr. Chang has improved the situation somewhat by the 
7 use of an intelligent relaxation procedure . If Mr. Cooke, for example, prefers 
- to use a particular method which is technically valid, one cannot argue this p 
‘point; but Mr. Cooke’s statement that this basic form of cantilever distribu- 
tion is simpler than that presented by the author is not at all consistent with 
_ the facts. Mr. Cooke states that ten cycles of cantilever distribution gave a 
-moment values, for the eight-story ry frame used by the author, which we 
within five percent of the final values. However, employing the iterative 
_ method which the author has presented, accuracies better than five sive _ 
; in all but oi one moment and om percent at at one ‘point 2 are obtained if the rotations 
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obtained using the results of two cycles. Furthermore, the method which has 4 


id 


— 
been eo is to a great extent self-checking, and this is not on, 
true of distribution methods. 
th preparing a paper, an author has at least two may, in 
a relatively brief paper, present a specific viewpoint, an approachora =» 

. method which seems to him to be significant or helpful. He thus seeks, by 
brevity and concentration, to make an unambiguous and unconfusing presenta- o 
tion which, within established limits, appears to him to be definitive. Alter- arr : 
natively, he may prepare a comprehensive study, frequently becoming aca- . 
demic or pedagogical, in which several viewpoints, approaches or methods © 
are presented. If both possible papers are to have approximately the same 
length, one must be organized along a vertical line while the other must be 

organized along horizontal lines. 
_ In this paper, for the sake of brevity, the author has chosen what is es-_ 
sentieite the first alternative. This was done with the knowledge that tthe 
formulation and methods which have been presented are basic and flexible : 
and will yield results with very nearly a minimum of straightforward effort “a 
even under relatively general or irregular conditions. Some of the methods 

S which have been presented could be put on a more formal basis. For | exam- 

_ ple, a specific formula can be deduced readily from Equation (13) for the 

_ construction of the equations involving the rotations of the joints at the alter-_ 

nate levels. _ This, however, is less of a new method than it is simply an exer- 
cise, particularly since the algebraic manipulation of — (13) after 
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their series of three papers on long reinforced concrete ‘columns. The range 


of the variables studied shows the effect of every practical variable. eal 


| If an . analysis ‘similar to ) that « described in in Ref. A A is usec is used to . determine the 


long column strength, the distinction between material failures and instabili- 
ty failures becomes more evident. > Figure A shows a. family of moment-load_ 
curves coneceuctes for hinged- end columns of various N/a ratios and gill 
+1. These curves relate axial load at any stage of loading to the 
maximum: moment occurring in the column at the same » load (at the ‘section 

- of maximum deflection). If this curve passes through a maximum, the column mn 


leads to material failure as shown by the dashed lines. If the moment-load — 


E consideration will fail initially by inelastic instability which in turn 


curve intersects the interaction curve before reaching a maximum, as it 


| 


does for N/a = = 5, ‘the column will fail by material failures. The long column > 


curves obtained b by method agree with published in the ‘authors’ 


Column Tests 

In In Ref. B, Tables 2 and 3, ratios of test strength t to calculated strength are — 
reported for. 185 eccentrically loaded columns. The calculated strengths are 
based on the actual failure eccentricity at the section of failure. - The average 
ratio of test to calculated strength using the final eccentricity for all 185 ie 
columns is 0.98; however, when the strength is computed on the basis of cas: 

q initial eccentricity, it is only 0.94 for the 114 columns tested by Hognestad | an ist 

: and only 0.89 for all 185 columns reported. This emphasizes the fact that — 
there is a reduction in the strength of eo with an 2/d as small as 7.5. ee 


ig Research Asst., Dept. of Civ. ' Eng., Univ. of Illinois, Urbana, ml. aot 
of Eng., Univ. of Mlinois, Urbana, 


DESIGN OF LONG REINFORCED CONCRETE COLUMNS* | 
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ULTIMATE LOAD 


= 


a 


A - MOMENT LOAD CURVES FOR EC CCENTRICALLY 
“LOADED COLUMN OF A GIVEN INITIAL ECCENTRICITY (e/a = 
aves 


| 


the following points also ‘Support this stand. he e restrained nits one el 


- column stiffness under loading but assumes that the stiffness of the ncanuens ; 

ss ing members remains constant throughout the life of the column. In tests of 4 
_ rigid frames reported by Richart,(C) the EI of a flexural ‘eather tt 7 

- - ultimate load under short-time loadings was ‘about 0.4 times the EI of the un- 
<4 cracked section at working loads. This reduction was caused by cracking, 
plastic action in the compression. zone, etc. Creep from sustained loading in a 

the restraining members would further reduce their stiffness as would yield- _ 
ing of the reinforcement in these members. Each reduction in the stiffness wp 
of the restraining members brings the column action closer to that of a” a 
developing a column formula, the loading conditions expected in 


Second, and most common in practice, the 


- column will be loaded to a certain percentage of its capacity under a sustained 
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Pr more or less rap rapidly loaded to Third, 
<< load or moment also may be of long duration as in a warehouse. ae 
The first loading condition corresponds to the short-time load analysis 

and also corresponds to the type of loading employed in the column tests © 

used to check the validity of the authors’ design equations. The close check 
between the short-time load analysis for hinged-end columns and these col- an 
-umn tests establishes the validity of the analysis used. et a i 

_ The second loading condition corresponds approximately to the assump- 
a made in the authors’ long-time analysis. It has been assumed that a 4 
_ gustained loadings cause the strains to double but do not affect the strength _ 

_ of the concrete in the column. This is the case for a column loaded with a — 
sustained working load which is rapidly increased until the column fails, as 
was shown in the tests reported by Viest, Elstner and Hognestad. (D) an 5 

_ A design equation for long columns should apply basically to the case of a 
. ‘sustained working load rapidly i increased until failure occurs | but, when neces- 
sary, should be modified to take account of failure under sustained high loads. 


The validity of such a design formula can be checked only by comparing it to 7 
the results of tests on long columns loaded in this way. _ The writers know of | 


no tests of eccentrically loaded long | columns which involved sustained load- 
ing. A possible exception would be the column tests described by Viest, | 
_ Elstner and gg 90 in which | the columns had an bi of about | 7. «3 including 


been done by the authors. since the load analysis ch checks closely 

} with available test results and since the assumptions made to extend a 
analysis are reasonable and are based on experimental studies, the writer 
have accepted the long-time analysis in the authors’ first paper asa valid ~~ —_ 


analysis for the type of column loadings experienced in structures. _ Accord-— 
ingly, the following reduction equation for long eccentrically loaded columns» q a 
—_= in compression under the usual types of loadings is proposed: as 
1.20 - 0.085 4/8 - 0.13 (A 
This equation was derived “— fitting a line to the long-time load lita 
shown in Fig. 3(f). It was also compared to an analysis made as mentioned © 
_ above and based on the assumption that the ratio of total sustained-load strain 
to elastic strain is three. _ Equation A and the curve from Broms and Viest’ 
_ long-time load analysis are plotted in Fig. B. For simplicity, only the curves 
- for ey/eg = +1 have been plotted in this figure. ‘The close agreement between _ 


: Eq. A and the curve from the long-time load analysis can be seen clearly. — 


_ Equation 2, proposed by the authors, is also plotted in Fig. B. This equa- — 
tion does not represent the behavior of a long column. The authors also Whe. 
“recognized this and modified their equation by multiplying it by a factor ~ 
0.84, representing the theoretical long-column strength reduction for h/a = 10. 7 
The resulting equation (Eq. 2 times 0.84) is: 
= 1.218 - 0.0252 t/d - 0. 126 < 0. 
is. Equation B is also p plotted in Fig. B. For t/a greater than 10, Eq. Bi is al <a 
most identical with Eq. A. As can be seen from Fig. B and Eqs . Aand B, the 


multiplying factor of 0.84 is actually an integral part of the long- chm 
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Fig. B - COMPARISON OF LONG COLUMN EQUATIONS FOR /e, = 


e included in the equation. 
Hy Because the 0. 84 term is actually a part of the required long-column for- of 
mula, it cannot be considered as a part of the load factor. Thus, the actual | pay 
| eo load f factor for columns that the authors propose for use in Eqs. 5(a) and 5(b) 
a ve is K= =1. 1, not 1.3 as stated in their paper . The use of Eq. 2 and the proposed 
' load factor for columns leads one to the belief that column design is ater . 
siderably more conservative than actually is the case. 
; ae The form of Eq. B, that is, the upper limit at 0.84, tends to penalize neon 
mts columns. Thus, columns of  /d = 7, 8 and 9 are required to have safety fac- 
; tors equal to 103, 106 and 110 percent, , respectively, of the safety factor for s 
- a column with N/a = 20. _ These factors do not reflect the relative safety ¢ of 7 


mFS 


such columns or the relative possibilities of construction errors suchas 
Since e columns" with ratios less than 10 are common 
§g modern construction, especially with the trend to. higher concrete buildings, it 
Wee - does not seem logical to limit the strength of columns with N/a less than 1 id, 0, 
an equation itself is not correct 


— | st2 | st: 
— | _| | 
NES 
| 
— 
q 


DISCUSSION 
“Modification for Sustained High nLoads 

Tests by Shank(E) and Rusch( F) have shown that the ot 
cylinders and prisms subjected to sustained high loads is reduced by 10 to 30 
percent. _ This strength reduction must be considered in the design of columns 
subjected to sustained loads to failure (the third loading condition). Thus, for 


_ this loading condition, the short-column strength can be approximated by us- — 
"ing a reduced concrete strength equal to 0.85 in the computations to — a 


the reduction in concrete strength under s pestained high loads. ‘This re- re- 
duction is in addition t to the commonly accepted | 0.85 fy factor (Assumption on 
4 (B) used to correlate the : strength of concrete in flexure with the strength 
a standard 6- by 12-in. cylinder. . 
The term “sustained load” must also be defined. Several foreign codes 
2 specify that a load of three days duration or longer should be considered a 


_ long- -time load. This | appears to be a reasonable value. In the above men- na 


“failed in about four ‘days, that loaded to 75 percent of its short- 


; a For eccentrically loaded columns failing in tension, the actual length re- 
- duction factor is considerably smaller than that required for compression — 
failures (see, for example, the curve for e9/d = 0.8 in Fig. 3 c). _ ‘The limit- 
ing case is a beam loaded in pure moment with no axial load. In such a beam 
there is no \ /d effect. _For this reason, ‘Eq. A should be limited to — 


failure region: 


is desired 1 reduced moment a a long c 


is the moment capacity at P 


_ @p is the eccentricity corresponding to Mp for a short « column; 
R is the long- -column reduction factor from Eq. A. at 


i Figure C compares the various proposed. reduction equations and the theoreti - 


_ Cal analysis by the authors. If design is carried out using an interaction dia- 

gram, Eq. C could be replaced with a straight line joining RM), and My . This” 
matter is not just of academic importance since the lower portions of the in-— 

i teraction curve apply to many situations where large moments combine with — 

relatively small axial forces, as re girders of rigid frames 


The was derived using square with con- 


_centrated in two faces. Strictly s speaking, the long - -column curves ottaines 
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Theoretical Long Column > Inter- 


action Diagram for Long-Time 
Loads from Broms and Viest 


. Short Column Interaction ae 
Diagram for Short Time Loads 
from Broms and 


OF LONG FORMULAS AND 
"THEORETICAL INTERACTION DIAGRAMS FOR LONG COLUMNS 


ii ial to columns oft this cross- -section. From the column tests quoted 
above(®) we see that circular columns of Q/d = 7.5 tested by Hognestad had 4 
“a mean long-column strength ratio of 0.93 while the rectangular columns snr 
z 3 es by Hognestad had a ‘strength ratio of 0,955. The effect of various cross - 
sections on the buckling strength of concrete columns is also indicated in the _ 
discussion by Hromadik of Proc. Paper 1510. The radius of gyration of a . Falla 
circular reinforced concrete column ranges from about 0.26d to 0.30d while | al 


that of a rectangular reinforced co concrete column ‘ranges from about 0.29d to 
0. 35d. if the curves for a square column and a circular column in Hromadik’s 


_ This suggests that the long - -column reduction omnstion should be written in a 
terms of rather than {/d, or alternatively, that a different reduction 
equation should be used for each | type of cross - -section. Since the of of a 
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DISCUSSION 


Miscellaneo 


x The writers would like to have the authors state which e4/e2 ratio should a 
bet used in the design of long along with the 


"reasons for their choice. 
= 


: et The authors’ s short- -time and long-time load analyses are valid for the 
~ column Shapes considered. The decision to neglect the beneficial effects of 


| 


3) The validity of a column design formula can by com- 
paring it to tests of columns loaded under sustained loads. If comparisons — 


| are made on the basis of long-column tests now available, all of which involve 


- only short-time loadings, the design formula under consideration will appear 
to have a greater factor of safety than it actually has. 

4) The following long -column | design equations are proposed. These apply 
all eccentrically loaded columns designed on the basis of initial eccentrici-_ 

a) For eccentrically loaded columns failing in compression under a sus- 


For. eccentrically loaded columns failing in ‘compression sus- 
tained high loads, lasting more than three days, the length effect should be 7 


. taken into account by u using : a reduced concrete strength equal to 0.85 . in 


Mos 


where Me, Mp; 


ate | concrete strength for the loading involved. 
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Richart, F. Tests of the Effect of. in Reinforced 


D. ‘Viest, ‘Elstner, R and ‘Hognestad, E. “Sustained of 

a Eccentrically ‘Loaded Short Reinforced Concrete Columns,” ACI Journal, 
= 52, March’ 1956, Pp. 727-755. 
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Shank, J. , “Plastic Flow of Concrete at High Overloads, : 


Riisch, H H., “Investigations the Strength of Concrete under Sustained 


RILEM Colloquium, Munich, Nov. 

PHIL M. FERGUSON,* M. ASCE.-— - —Much valuable information is contained 

in ‘this paper and in the authors’ two preceding papers(1,2) onthis general 
subject. The analysis of reinforced concrete columns as long columns, taking 
_ into account both the case of “elastic” buckling and material failures eon dae 
occur under smaller lateral deflections, is a considerable accomplishment. 4 
Nothing in this discussion questions these theoretical analyses ara al 
* However, columns as a portion of a frame are much influenced in their 

_ behavior by the action of the frame as a whole. This interaction + hae 

7 columns and other frame members is much m more varied than can be ae 


sented by any single restraint mechanism 
_ The authors correctly point out that the “ultimate strength of restrained F 


columns is always higher than the strength of hinged columns--.” They then 
_ recommend the use of a reduction coefficient for all long columns and base = 
this reduction solely upon the strength of hinged columns, with no ‘recognition 
given to the higher strength available with restrained columns inaframe. _ 
Since the strength differences between long hinged columns and long restrained 
columns are major and not minor differences, these design recommendations 
- appear to be economically unsound for a large percentage of all column de-— 
‘signs. It is suspected that this percentage might be from 80 to 90 percent. _ 
3 The authors seem not to have differentiated in their analyses between 
columns subject to direct loads which are essentially matters of statics and | 
those moment loads which are impressed by angle | changes and hence are de- 
type moments. This distinction is important and must be. incorpo-- 
rated before a column study can lead to realistic design specifications. _ 
Ford this discussion columns will be considered under several ‘groupings: 


7 

pan rigid frames as in Fig. Ac, 


b. Buildings where lateral wind loads roduce i im rtant shears 
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3. Columns directly loaded between joints as in Fig. Ae. 
7 io far the largest number of columns f fall in group 1 and this discussion is 


primarily related to this large group. . Limitations of time, ‘amongst tother — 

commitments, have prevented an adequate study of the columns in group 2; 
and the number of columns in groups 3 and 4 are quite small. _ 


‘This d discussion is directed entirely to ultimate design. 
Int 


nterior Columns Without Sidesway (Fig. Aa) 


authors that end moments on columns be established 

Za the basis of an elastic analysis of the frame; there is now no adequate Pi 
a) prions. to this procedure. However, it should be emphasized that columns 
(without sidesway) usually receive their moment loads only from joint rota- - 

tions. These moments are impressed or deformation type moments and are 

a far from being statically determined; any change in joint rotation causes a 
_ corresponding change in column moment and in the resulting eccentricity e 


s the load on the column. 


While this situation might be more accurately analyzed by the use of dif - 


ferential equations, this discussion will be presented in the simpler t terms 
ordinarily related to moment distribution and frame analysis. 
The analysis of the column in Fig. B will first be based on elastic condi- 
'.. tions. _ Assume equal and opposite moments at the two ends, which are ‘indi- P 


cated as Pe in the adjacent moment diagram. ‘This moment produces an Pe 
angular deflection at the end, or joint, which is consistent with the joint rota- 
tion used in frame analysis. . Because the column deflects when carrying 


_ moment, there will be an additional moment Pd. <a the center of column, | 
which adds to Pe. _ The critical column moment is thus the center moment: ; 


- This deflection moment exists in some measure all along the column, as 


indicated by the second segment of the | diagram. shape of this 
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“DISCUSSION 


we 


“segment is. is determined by the the deflected column. Although 
would be interesting to establish the equation for the elastic curve of the Pits 
column, such accuracy is unnecessary for the intended use here. © it will be — 
adequate to say that the curve is a circular segment or a | parabola ora. wel 7 
cosine curve. As such, the average moment value may be arbitrarily - 
approximately assumed as 0.64 
The usual methods of frame analysis are based on member stiffness which 
a the member resistance to rotation at a joint. The rectangular moment © 
area Peh indicates an angle of rotation of the column at each joint which, _a 
mmetry must be Peh/(2E,I,, and this alone would make the end slope of 
- the column fit perfectly with the joint rotation used in frame analysis. How- 
ever, if an additional moment P6 m exists, as it must, the angle of rotation 
at the end of the column must t be increased ome 92 aii the area of the iaedeall 
diagram = = 0. 2Eclc). 


might say that a column carrying ‘moment is further deflected by ‘the secon- al 
dary moment P6;; therefore such a column is less stiff against end rotation. 
if this | is the case the n moment distribution | factors for the joints ‘should be re- 
vised in such a manner as to reflect this lower column stiffness. The lesser _ 
stiffness would result in a smaller moment distributed to the end of the col- 7 
umn, that is, , smaller than the original Pe. 2. The center c column moment — 


_ then be less than Pe + Pém; and 6m itself would also be Feduced, because of 


| “sider the change in ana which would develop around the joint if the joint 
did rotate through this full extra angle OQ. z AS the extreme case, assume that 
the column above the joint also tends to develop this. ‘same extra angle 69 and — 


that beams are ‘symmetrical. This in effect would lead to the statement that a 
each column would pull _ of the beams Grom the angle 69. Each beam 


would resist such rotation with a moment of approximately 4 Eplb 69/L; and 
in order to maintain joint equilibrium this beam moment would have to be 
balanced at the joint by an equal change in the column moment. ‘This balancing 
_ moment would represent a reduction in the original moment Pe such that the 


end moment would become 


and are maximum column moment at midheight would be 


b KO 


= 


Nioaeal than that which could a accompany bm and the « extra @ 2, and this regard- 

less of how smail hin’ may have been assumed. it should also be noted that co : 

‘this smaller moment would a smaller 6, bi but that the smaller 62 would 


- 
| 
i — 
| and the joints were hinged, the column would be entirely 
free to rotate thr i 
| ree angle 99 and the maximum column moment 
— 
— 


Februar 
simply reduce the negative term and not change the — of the equation. It it 
_ thus becomes obvious that the column | design may safely | be based on a mo-— j 
ment smaller than the sum of the moment Pe obtained from an elastic analy- 


The parenthesis in the equation for Mc should also be examined as to its 


"absolute val value. bm were initially assumed at its final correct value, the 
final angle changes be shown diagramatically as as in Fig. ‘The fro! 
_ Pe and the angle 6, would be known from frame > analysis. The angle G9 would prin 
‘result from the deflection moment represented at mid- -height by Pé im: ‘The flec 
angle would develop the secondary restraining moment represented by the mo! 
_ negative term in the equation for Mc. This restraining moment would in turn 
produce a negative angle change which might just as accurately be considered only 
aS a reduction in 6,. With the use of the correct assumed yp, the equation 
for Mc would then be exact, within the elastic range of the materials, except OF 
for errors in the assumed shape of the deflection curve. . Such errors could — —ey/ 


only have the effect of modifying the average deflection ordinate to something 
_ other tl than 0. 646, and of modifying the « constant of 1. .28. | Since it is difficult — 


pe: imagine a salame shape that would have an average deflection ordinate less 
‘than 0.5 55 , the 1. 28 constant “might range between 00 and 1. 30. 


‘The parenthesis in n the equation for M, becomes zero when 1.28 EpKph/Ecly 
=1; or, if the conservative value of 1.00 pe instead of 1.28, when EpK;), = pte 


EcI./h. _ Thus if the beam is at least as stiff as the column, the final moment 

Ecl¢ flec 
on the column will not exceed Pe as obtained from elastic analysis of the - that 

——- If the beam is the stiffer member, the column design moment will be — ‘mo! 

OM ess than Pe. Thus in a frame, the longer and smaller such a column is oat : ia ; 

made, the less probable it becomes that the “initial” end moment Pe can in- in- _ 


fluence the buckling of the column. The joint restraint can even be ee. a 
_ enough to reverse the sign of the end moment on the column in the case of a 
_ very slender column. A design based simply on the frame moment Pe will 4 or ¢ 
thus be a conservative way of preventing failure of such columns. pro 
It is noted that should the column stresses ‘approach failure and th thus i 
_ change the column into one which is less stiff, this effect can be ‘represented — _ tion 
_ in the formula for M, by using a lower value of E,. Thus, before failure, | = 
the column stiffness would be further reduced relative to that of the ‘beam; 
and M, would become still smaller, with Pe replaced by a resultant end 
moment of opposite sign, 
‘| 


In the case of a very stiff column, where column stiffness is twice that of 
- the beam, ‘. will be numerically small and the effect of the resulting Pén 
term is reduced at least 50% by the negative t term representing the frame ac- 
> tion. If in addition the value of E, decreases, under overstress, by as a 
as 50 percent, this reduction in the P6 moment becomes at least 75 percent. 


ae 


p= to the floor system, it 1 will be a safe in ultimate . strength design ; 
3 proportion for the moment Pe obtained from elastic frame analysis with 4 
“no addition for deflection moment or length effects. Asa restriction against 

very long columns, the proviso might be added that such columns must not = 


than the hinged column needed to carry the axial load with 
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Me should be closer to 1.26 than to 1.00. such case these reductions f§ alo 
3 become about 64 percent and 95 percent, respectively. ana 
“pea 
— 
— 


eccentricity. This conclu usio n applies only to interior columns without signifi- 


Exterior Columns in Bending 


= column such as that in Fig. Ab may be considered as loaded in Pansies q 

_ by equal angle changes at each end. In such a case the maximum moments | ~ E 

_ from frame action occur at the ends of the columns and the maximum deflec- 
tion moments are nearer the quarter or fifth points of the column. Thus de-_ 

* flection moments are less likely to create total moments in excess of the end 
Compared to the pr previous analysis of the interior column, this case has _ 
only one beam to restrain the two columns (one above and one below) but the © 

_ deflection effect is so very much smaller that further analysis seems unneces- : 

authors’ Fig. 3e shows a curve for a specific column having 
a e1/eg = -1, which is intended to represent | this case. Although this one ia 
ing stove in strength u until L/d is 30, it is is unduly conservative be- 
cause it is based on hinged ends and does not eae the effective re- re- 
It appears that ultimate ‘strength design for these based on Pe 
moments calculated from elastic frame analysis is quite safe andthatno 
recognition needs to| be given to deflection problems. ‘It might appear | that 
_ moment applied 2 at only y one end of the column m might produce more of a de- 
_ flection problem. However, this case could not be as serious a problem as a 
that of the interior column already discussed. Since the reversed d bending 
‘moment Pe will be larger, it is the governing ia : 
Columns With Important (Figs. . Ac and d) 


When sidesway is important, ompectaily where lateral loads such as wind 
or earthquake forces are a significant part of the loading an entirely different 
problem exists. The column shears and moments in this case are more a a 


matter of statics than a matter of impressed moments caused by end rota- 
tions. In other words, Pe moments calculated for such columns remain un- — 
_ diminished as joints rotate; hence deflection moments are directly additive. fe 
Time has prevented this discussor from carrying out a more re thorough analy- 
‘sis of such columns. It appears that the authors’ hinged column assumption © 
_ desirable here. However, it would appear that each half of the column — 
_proximates half of a column loaded as in Fig. Aa, which would mean that 
= +1 would be more correct for use in their equations than than ey/e2 = 


Columns Directly Loaded Between Joints (Fig. Ae) 
‘The authors’ analysis of restrained columns appears more directly appli- — 
_ cable to this case than to columns loaded through connecting beams. This is nas 
a loading which can be measured chiefly in terms of statics and the authors’ 
analysis is based on a static moment Pe. For a proper:understanding of the | 
th | entire column problem these predominantly static moments must be con- 
esign trasted with moments impressed by changes. The authors’ method 
with 
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.g, “Flagpole” Type (Fig. Af 
be ‘Sheen are only a small number of cantilever type columns and these in- 


_ clude | those crane. columns which are not braced across the crane bay. If andl 
7 these columns are actually fixed at their bases, their curvature is s exactly — - 

like that in the upper half of a hinged end column which is similarly loaded : 

® each end. ‘Thus, as for any other material, design must be based on ‘oe 


tion the hinged end column analysis is exactly correct. 


7 


_ This discussion has in a large measure been concerned with deflection an 


da moment and the counterbalancing effect of frame restraint. 7 For interior and 
— columns it has been shown that deflection moments are generally — 
a _ not important, since frame restraint reduces or cancels the apparent ill “-. int 
‘fecte.. ; ‘There thus seems to be no need for a reduction factor of 0.84 for these 
cases, which constitute the majority of all columns. 
ae If the 0.84 factor is needed for some cases, and it is not wet ‘edeabtanet - 
— eatty where this would be, it should certainly not be written into the load ‘ 


7 factor for all columns. _ Neither would it appear desirable to apply it to in- a 
crease the design axial loads. It should be directly related to the moments 


‘the proposal that the factor K in | the authors’ " suggested load factors ne made 


The authors’ consideration of the , effects of plastic hinges in restraining 4 ; 


‘members seems to provide one of the reasons they recommend that the ce | 
strength of hinged columns be used for all designs. For the interior and ex- z 
terior columns (without sidesway) which have been the primary reason for = 
_ this discussion, it appears that the restraint moments discussed are all in —. 
; the reverse sense to those which might create hinges. Thus the restraints” 
SS this analysis has considered are available for some range even after Sa 
the formation of plastic hinges. _ This available resistance assumes the ‘beam 
has also been designed for maximum moments based on elastic frame analy- 
sis. if such beams should (at some future date) be designed by limit design 
: ‘Procedures, it ‘might be n necessary to consider deflection-caused moment _ 
: & columns in the beam design in order to avoid failure in the beam. _How- | 
ever, limit design is not yet an approved design method in reinforced con- 
crete in the U.S.A. By the time limit design is adopted, it is hoped that much 
_ more comprehensive studies of columns will also have defined more exactly © 
associated problems of long slender columns. 


” ASCE Paper | No. 1510, 


i 
one I. M. Viest, “Ultimate Strength Analysis. of Restrained 
Reinforced Concrete Columns,” ASCE Proceedings, No » 1635, 
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_ WIND FORCES ON STRUCTURES: 


‘Discussion by Joh Ss. McNown and Dorris Hankins 
_ JOHN S. McNOWN, M. ASCE and DORRIS HANKINS2. of the 
forces exerted on structures by wind requires an understanding of a 
_ basic principles of fluid mechanics. These include the concept of the 
_ Reynolds number, the role of viscosity in causing separation, the resulting 

> distribution « of pressure over a body subjected to wind, the consequences of 

7 periodic or otherwise unsteady occurrences, and, in extremely high winds, — 

_ the Mach number. | These points are introduced by Messers. . Woodruff and 
Kozak, but their presentation is rather incomplete. Also, their terminology 
and interpretations differ in several instances from those generally accepted : 

in the fields of fluid ‘mechanics and aeronautics with a ee lack saad con- 


In the development of ent of fluid mechanics, the terminology has been progres-_ . 
_ sively refined. Such misnomers as “velocity pressure” and “aerostatic wind 
_ forces” have been rejected as inconsistent and misleading. ' The increase me 
"pressure attributable to the partial or complete retardation of a fluid is iin) 
_ known as “dynamic pressure,” to distinguish it from pressures attributable _ 
tot the static (barometric) pressure » due to the weight of the fluid. The terms 
Es and “wind” are contradictory. To designate air in motion, one 
uses the term “ “aerodynamic” (and for water in motion - “hydrodynamic”). © 
x distinction must also be made between “pressure” (force per unit area) and 
“force ” (a pressure integrated over an area). ‘Because “ ‘pressure” is usually 5. i 
related | to atmospheric pressure, it can be positive or negative. As a conse - Ld 
quence, “pressure” ” and “ “suction” are not necessarily in contrast. In fact, th 
term | “suction” has properly given way to “negative relative pressure.” _ 


e 

The distinction between “aerostatic” an and “aerodynamic” made by the 
‘authors is conventionally made by designating the former as “steady” (not | 
changing with time) and “unsteady.” The usage is obviously different from 

: that used by structural engineers in designating “dead,” “live,” and ia ol 
loads. However, if the results of developments in fluid mechanics: are to be 
utilized without confusion, the terminology must be correctly utilized, , also. 
_ For these reasons, several of the comments on pp. 1, 2, 7, and 9 tend Se 
a usage which is less preferable because it is in 


established and because it is less accurate. 


‘Dean, School of Eng. ’archt.., ‘Univ. of Kansas, Lawrence, Kansas. Also, 
Consultant, ‘Sandia Corp., Sandia Base, "Albuquerque, N. Mexico. 
2. Physicist, Nuclear Burst ead ‘Maske. — 
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Cause of Drag 


As stated by the authors, reduction in velocity, o or better 
momentum, is the cause of drag. _ This is as true for drag associated with | 


surface shear (often called “friction”) as it is for drag associated with separa- 


Stream and downstream faces. No drag occurs for potential fluid flow be- = 
cause the pressure distributions ir in the two directions cancel each other. 7 
_ Only if the effects of viscosity are included is a drag explainable. Either 


: tion, wake formation, and the consequent differences in pressure on the u up- 4 


through shear at the surface of the body (with a component in the direction « @ 


flow, of course) or through separation induced by the boundary layer, viscosi- - 


ty plays the dominant r role. Thus, the Reynolds number is the criterion for 


bag fluid becomes dominant in comparison to the shearing stresses. 


If the wind velocity is high enough the 2 effects of as 


(less than about | 0. 0.8) the 
= P(stat + q 


is s applicable. "Thus, for a Mach number of 0.2 ‘te wiediie for standard air 
os conditions of 230 fps), the correction is only 1%. Obviously, no correction 
_ needed for r ordinary winds. ‘Nevertheless, the > winds created by a nuclear 
explosion are > strong enough that effects of ‘compressibility cannot be ignored. 
_ Extensive studies of various factors, including Mach number, have been pre-_ 
— in a report having limited circulation. (1) had vihalpaeeia 
Because the shapes | of structures or of structural members are re usually 
‘bhut rather than streamlined, form drag is more important than surface ~~ ; 
Losses of kinetic energy in the boundary layer, although a localized phenome- 
non, cause separation and the creation of a large re region in which the pressure 
is low. . The effective boundary of the flow in this region is not the body, and = 
" the flow loses the possibility of closing smoothly v with a recovery (of th the posi- _— 
tive p pressure which would be obtained if « energy were fully conserved. . Separa- 
tion occurs at a point of low pressure, and the pressure in the wake is ap- 
: proximately equal to this low value; the total drag is the resultant of increased 
_ pressures on the upstream side and reduced p pressures on the downstream side. 
_ The distribution of pressure around any body is continuous even at con 
_ sharp edge of a thin plate like the one in the authors’ Fig. 1 (d). A discon. 
tinuity in pressure would imply infinite pressure gradients and infinite ac- 
celerations. Hence, the diagram of pressure distribution in the upper part of 


occur at the edge of an inclined plate as stated near the bottom of p. p. 3, but 


ie rather at a point which approaches the edge more and more closely as the 
plate is turned so as to be more nearly parallel to the flow. _ Even for flow 

bin which separates, this position can be approximated by means of the free- A nti 

= analysis.(2) For a plate turned 40° from the normal position, the _ 


ag pressure occurs at a point about one - >-tenth of the breadth 


= 


the figure is incorrect. Also, the maximum (stagnation) pressure does not 4 
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is both misleading and impractical. 


_ length is not truly a coefficient. “The value to be : assigned to it will — 
bess on the size of the acead ‘The coefficient e in the other r part | of the 


equation, 


is properly dimensionless and invariant with size, but it does not contain any -_ 
indication of the variation of drag or moment with shape, orientation, etc. - 
A proper must have the form 


in which h is the dimension of the a plate in the direction in eine sstion. 


Periodic disturbances caused by the shedding of vortices are the com- 
-monest type of wind-induced unsteady loading. - Other types are attributable 
to true unsteadiness in the flow, such as the gusts’ mentioned by R. H. oe _ 
Sherlock (in Proc. Paper 1708 of the same series) or as the rapidly deceler- _ 
ating flows S following a blast. > The fluid mechanics of steady fl flow iss suffi- : 
ciently complicated that as s yet little has. been done to increase our under- 


Standing of drag ina very unsteady flow. 
the 


_Two recent studies, one related to wave forces(3) and the other to 
effects of blasts, (4) contain some information on the effects of unsteadiness 
on flow past bluff bodies. Three intervals of time must be considered, the © 
time for a vortex to grow to the point of being shed, the time for a pressure " 
wave to travel a distance characteristic of the size of the body (for compres- 
_ sible flow), and a time which is characteristic of the unsteady occurrence. _ 
‘The relative magnitudes of these times help answer such questions as whether | 
(a) the flow is effectively incompressible, (b) separation has time to form, or 
"ss the first vortex forms, the characteristics of the flow are markedly dif - 
1 ‘ferent from those for an otherwise comparable steady flow. . The coefficient ‘, 
_ of drag may increase several-fold. In addition, the pressure gradient caus- . 
a ing the acceleration and the virtual mass of the fluid (also wake -dependent) am 
a may affect or even dominate the total resistance. If effects of compressibility 


_ must also be added, the problem becomes so complex that only rough predic- 


ke tions canbe made. 


The first p on both sides of the first equation (p. 3) should mass" 


of the fluid per | unit volume. 
i The symbol q should be defined as 1/2 cassie 
_ Size has no intrinsic effect on drag (near | the ‘bottom of p. 2) iad as . 


_ _ Values of the drag for plates suaabed ona plane representing the ground 


|| asymmetry does, as the authors state, usually result — 
cation of this moment by means of the formula, 
| 
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t usually like that shown in Fig. 1(c). 
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ate forms at the base of the and prevents pressure from 
occurring. Consequently the value for a flat plate on a plane varies 
- _ The statement near the bottom of p. 3 that “The suction is higher at o. 
_— edge than at the trailing edge” is not supported by the authors’ 
reference 4. For an infinite plate the two are essentially equal for angles p< 


The heading for Fig £4 (a) is misleading because the figure contains ~onal 
=1. values for this case in Figs. 1 (a) and (b) are not consistent. 
az Other authors give values ranging from 1.11 to 1.18. Also, for ve = 1, the ro 
positive pressure on the upstream side is much greater than the ela 
on the downstream side. _In both places, the authors have apparently 
_ On p. 7, unequals (to the extent of a factor of 1/2) are equated. | 
a The existence of a | vortex trail is substantiated only for ‘cylindrical bodies. 
The t upper limit of the Reynolds number for vortices to occur is not well de- 
q fined - the authors indicate it to be 100,000 at one point, 200,000 at others. 
|The: governing Strouhal number is also a function of | the Reynolds: number. (6) 


Distributions Fence Coetticients 
"lock Forms for ‘Varying Mach Number, Number and Yaw 


” Sandia Corp. Report, SC-4202(TR). 


3. McNown, J. and Keulegan, G. H. Formation and Resistance in 
_ Periodic ; Motion,” Journal of the Engineering Mechanics en, _ARCE, 


“Ludloff, H. “On Aerodynamics of Blasts,” in 


Mechanics, Volume Ill, Academic Press, New w York, pp- 109-144. 


‘5. _Nékkentved, of the Wind- Pressure Distribution on 
Bodies,” Laboratorium for Bygningasstatik, Denmark Te Tekniske 


“Vortex in Wakes,” Advances in Applied Mechanics, 
‘Volume | In, Academic Press, New York, pp. 185 - -195. 
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‘Discussions by George Stern and Richard G. ‘Kimbell ore 4 


GEORGE STERN, 1 M. ASCE.. ‘ —The excellent. Giecussion of saiety factors 
is of great value, since it promotes the proper use of wood asaresultofa 


1 ‘During the recent testing of full-size structural components, concern was © i 
ime as to the effectiveness of grading rules with respect to boxed-pith © vs 
lumber. Perfectly satisfactorily looking members were found to incorporate a 
overgrown knots and pin knots, which reduced the effective cross-section of | 
the members excessively and resulted in unexpected wood failures. Had 
_ these natural strength-reducing characteristics been along the lumber sur- - - 
face, the members would not have been accepted for the particular grade in- 
volved. However, overgrown as they were, these knots were not visible. —_ 
_ Maybe, it is desirable to = special consideration to boxed-pith lumber. _ 
RICHARD G. KIMBELL, JR., 2 ASCE. - —Mr. Wood is to be complimented 


"past has often been an arbitrarily assumed value. 

- Although this” ‘concept of safety as related to the probability of occurrence 

of factors tending to cause failure is not new, this paper is the first applica-_ 
tion to timber design. The use of this procedure should result inabetter ~~ 

- balanced and more economical design of timber structures. ‘This same or 
_ philosophy can be applied as well to structures of other materials using — 


factors applicable to these materials. = = 


» The author refers to the term “factor of ignorance” as synonomous with t. 
“4 factor of safety. The writer prefers to define factor of safety as an insurance 


. * factor to guard against the probability of occurrence of unforeseen phenomena 


tending to cause failure, which is also in agreement with the concept pre- 


sented 


Mr. Wood brings out two important points: That the factor of safety is 


: 7 multi-valued having a “different value for each structural member affected, 7 


not only by the strength of that member, but also by the conditions under which 
_ it is used,” and that there is always a probability of occurrence of failure, _ 
with a This is supported by a statement 


Proc. Paper 1838, November, 1958, by ‘Lyman W. Wood. 
1. Earle B. Norris ‘Research Prof. of Wo ‘Wood Construction, on Poly- 
‘= . Director ee Services, West Coast L Lumbermen’ s Assn., 5 
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the factor of safety for timber construction. The importance of a realistic 
_ evaluation of factor of safety in desion cannot be underestimated and it is 7 Bec 
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by Professor. Freudenthal, M. ASCE, “The between the and 
the ‘unsafe’ design i is in the degree of risk considered ‘ana, in the 


the continuing | progress in n the development of computers 


Bees an increasing awareness of the usefulness of statistics as a tool, it be- | 


Mr. Wood’s is devoted principally to the factor of of 
“individual members. Where: structural systems utilize repetitive members 
spaced at close intervals as joints, rafters and laminated decks, the failure of 
an individual member would not necessarily result in the failure of the entire 
structure as there would be a redistribution of loads to. adjacent members. | 
_ As there is a range of growth characteristics within a lumber grade, the im- 
_ probability of occurrence of a consecutive member of low line pieces should — } 
also be considered. For this type of framing system the most probable fac- 
a: of safety of the individual member is of less importance than ata most = a 
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STERN,! M. ASCE.- _The at the U.S. Forest | 


Products were limited, covering trussed rafters of cer-— 


.% _ It is stated that well designed and well constructed 2 nailed trusses with a 7 
a “slope of 4 4 in | 12 or greater should give adequate service, although (1) only 
; 4 nailed trussed rafters with a slope of 5 in 12 were investigated and (2) nailed - 
A g trussed rafters with slopes of 2 in 12, 3 in 12, and 4 in 12 were found to per- 
form extremely satisfactorily by other investigators during their extensive 
—_ . Furthermore, the statement is made that the rigidity and strength of 
_ joints makes glued trusses particularly suitable for trusses with low 
“slopes. On the other hand, (1) nailed trusses of low slopes were not included _ 
in the described tests, (2) the tested glued trussed rafters were found to be _ 
. much more rigid than required marged most severe service conditions, and 
slopes have been tested and are in use throughout the country. eas 
 tItis conceded that the nailed tznaeed rafters described in the paper were 


_ proved to provide such outstanding ‘service ‘are assembled with improved > 
nails, that is, hardened high-carbon-steel, helically threaded nails or with | 
inserted, nailed-on, bent-over or toothed metal plates of various types as are 
_ The author observed that some trussed rafters | failed because of rolling 77 

_ Shear developed in the plywood gusset plates. This type of failure can be ob- 
served if the plywood is fastened with glue 1 which, of necessity, provides oe 

a surface bond along the contact areas. . 3 on the other hand, nails are used 


Then, ‘rolling shear cannot take place. 

In the first | case, the glue was stronger than the plywood. In the case, 
_ the plywood is strengthened by the nails which fasten the plywood. | 

2 Other failures were observed because of the fact that the use of common ~ 

wire r nails resulted in joint failure due to lumber splitting and nail bending. 

_ The use of the more slender and stiffer, hardened high-carbon-steel nails — 
Tall probably have prevented such failures on the basis of a - 


available with these improved nails. 7 


ire Prec. ‘Paper 1839, 1958, by R. F. 
1. Earle B. Norris Research Prof . of ‘Wood Const., Polytechnic 
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was interesting that (1) nails in shear ar sustain. loads. about 
_ twice those for nails in single shear at small deflections, that is, at design __ 
: os and (2) if one-half of the nails subjected to double shear are driven into 
one side and one-half into the | other, their effectiveness at small ‘slips, that 
_is, at design load, is even more than double that of nails in single shear. _ 
‘These findings a are agement, 5 in n sofar a as some > U. S. building codes do not 


beyond the design load increases at a lesser rate than th the e effectiveness of — 


7 - under any circumstances, because the effectiveness of nails in double a 
_ The presented test data are significant since they provide valuable i inane ~ a 


mation . They are possibly of greatest value when used as a basis of com- ; 
parison with data obtained for other trussed rafters in commercial use or 
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- GLUED LAMINATED WOOD CONSTRUCTION IN EUROPE* 


CORRECTIONS On page 1, in line 4 of { the Abstract, change “ “save 


~ On page 1, in footnote 2, , change “Madison, Wis.” to Portland, Oreg.” . 
|. On page 1, it should be noted that footnote 3 is continued on page 4. a 
Le On page 3, in the —_— line of the — for Fig. 2, the word “foot” “should 
On page 16, under the L Roof Beam Designs. 
Problem.’ = the w word “load” should be deleted from the line > “Rise of beam.” 
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Berg 


GLEN V. BERG, 1 A.M. ASCE. - writer feels compelled to. challenge 

- the statement that “It is generally true for any problem that the best method 
for manual computation is also the best method for automatic computation.” 
‘This is, in the writer’s opinion, an unwise and even dangerous aienaie. 
There is an understandable urge to accept it, for it implies that the engineer _ 


need not learn anything new to use the computer. - But acceptance of this 


philosophy severely limits the nye of the — which can be turned over to 7 
A case in point is the method of moment distribution. . There is no doubt of 
the effectiveness of moment distribution as an engineering tool. It is well 
_ known and widely accepted largely because it is explainable on intuitive — 
_ grounds without recourse to mathematical arguments, and also because the 
engineer can see the numbers converge to a solution. But just what does mo- 
ment distribution accomplish? Basically it is nothing more nor less than a i 
_ particular iterative process for solving the slope-deflection equations. Why, ou) 
_ then, should one require the computer to follow the same path that he follows © 
to obtain a solution? Might it not be better in some problems to program the 
computer to write the slope -deflection equations and solve them by some © 
_ standard technique such as Gauss-Seidel iteration or Gauss elimination? _ 
_ Indeed, why not use a matrix formulation of the pr problem, thereby enabling the - ll 
same program to analyze an entire class of structures? should not let 
‘might be even n better suited to the computer. 
_ Lest he be misunderstood, the writer does not iets the author’ Ss ap- 
7 ‘proach to his particular problem. ‘It is the generalization that is in dispute. 
_ The fact that one has reached a goal by a particular route for ten or twenty 
Bec does not mean that he should adhere to the same route when new and 
better equipment becomes available. One does not ride the ferry after the 


bridge is built. Progress requires changing the route. The engineer must oe : 
apply the effort needed to overcome inertia and alt alter his course tc to soa — 


w 


2. Proc. Paper 1854, November, 1958, by Charles P. C. map 
1. Asst. Prof. of Civ. Eng., Univ. of Michigan, Ann Arbor, Mich. 
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FIESENHEISER, M. ASCE. - —Although the author has the 
basic principles to several examples, this method of direct design of inde-- 


terminate | truss members is not new. it was explained in 
an article entitled 


“Simplified Design of Truss 
by Merhyle F. Spotts in Civil Engineering, May 1941. 
a _ ‘The writer has been teaching the method to his graduate students for the 
} past ten years. It is surprising that Mr. Spotts’ excellent : article went un- | 
noticed, as it is not listed in the author’s bibliography. It does, however, | 
combate the same basic equations in slightly different form. “Mr. Spotts, also, 
does n not claim originality. He: refers to the previous wo work 0 of ‘Pippard in 


“Analysis 0 of Engineering Structures” by Pippard and 


Longmans, Green and Company, 


> Proc. Paper 1867, December, 1958, by Louis M. Laushey. 
. Prof. and Director, Dept. of Civ. nd Illinois Inst. of of Technology, 


| DIRECT DESIGN OF OPTIMUM INDETERMINATE TRUSSES? 
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«REVIEW OF LIMIT DESIGN FOR STRUCTURAL CONCRETE? 


GEORGE Cc. _ ERNST, 1} M. ASCE. —The have provided a very 
_Sary summary of the development of limit design for reinforced concrete 


q structures. _ The section on terminology is especially good in presenting © a 
4 definitions classified into three groups that indicate the area of use. Con- | 
_ cerning the various theories reviewed in the paper, the writer feels strongly 
| that Professor A. L. L. Baker’s general equations have the broadest applica- — 
‘a tion for the control of limit design and also permit a relatively convenient _ 
_ method of obtaining an an approximate elastic solution for the working str stress 
Recent « experimental and theoretical studies(1,2) have demonstrated that ee 
should | be possible to redistribute moments in any manner desired for - 
_ design of continuous beams and one- bay, single-story y rigid frames when a 
_ diagonal tension requirements are met. A limited study of haunched mem- 
= (2) in which the ultimate moment varied directly with the depth, indi- 


duced toa negligible value by tapering the members of a two- -span continuous | 

beam. More information is needed on the effect of haunched members on ; 

quired and experimentally developed rotations. 

With regard to deflections resulting from various distributions of moments, — 

_ Figures 1, 2, and 3 show that the concern over working load conditions — - 
be unduly emphasized, although the writer readily admits that considerable 
theoretical and experimental work is needed in this area. The curves shown | - 
in the figures are based upon an idealized M- % relationship having distinct rt 
elastic and plastic. regions. itis true that the deflection curves are not ex- 
“actly representative al actual conditions, but nevertheless should a 
‘relative relationships. With this in mind, the difference between designing 
_by the present . ACI Building Code (ACI 318-56) and by an arbitrarily selected — 
statically admissible distribution of moments does not appear to be particu- 
larly significant for continuous beams. In general, it would seem that any > 
statically admissible moment diagram that equalized the critical moments— 
as closely as possible would provide a sound basis for limit design of con- 
tinuous beams and one-story, frames. 


1878, ‘December, 1958, by c. Yu and Eivind Hognestad. 
1 Professor of of Civil Engineering and Director of the Engineering | Experi- 
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RE 


Ernst, G. “Moment and Shear Redistribution in Two-Span Continuous 
Reinforced Concrete Beams,” of the American Concrete 
55, Journal V. 30 - No. 5, ‘November 1958, pp. 573 - 589. 


Ernst, G. C., Redistribution of Moment Shear in Continuous 
Beams and Frames of Reinforced Concrete,” CE Thesis, ow of 
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on. by Fr. B. Farquharson 


FARQUHARSON, 1 M. -ASCE.- —The author is to be commended for his 
lucid exposition of the validity of dynamic 1 model tests as a means of reliable 
prediction of prototype behavior. —Itis indeed fortunate that relatively relia-— 
was destroyed and the other, (the world’s longest), which has oscillated 
torsion with such vigor that the bridge was closed to traffic until the storm _ 
had abated. it is also significant that the mechanism of f the excitation was not 
the s same on the two structures. 
_ Following a trend which became current ont during the thirties, the stiffening — 
"elements which supplemented | the cable stiffness assumed increasingly 
_ smaller importance, i.e., increasing dependence on the cables and weight for - 
- stiffness. , Encouraged by the construction of the Golden Gate bridge in 1937, 
_ where the truss contributed only about five per cent to the total stiffness, 
four g girder + stiffened bridges were built with the stiffness contribution of the a 
; girders ranging between about 22 per cent on the Thousand Islands, 20 per nll 
- cent on the Deer Isle, three per cent on the Bronx Whitestone and 1. 5 per cent — 
on the original Tacoma. On all of these bridges, as was the custom of the __ 
_ day, wind was considered only in the calculation of the lateral deflection “ 
the suspended structure. other words, wind was recognized as a 
7 _ It has been mentioned that laboratory investigations have shown. ‘that some — 
form of roadway slots are detrimental to the aerodynamic stability of the | 
structure. It should also be pointed out that truss stiffened bridges are very _ 
_ sensitive to certain modifications in the vicinity of the edge ot the roadway. 
“Fig. 1 shows the result of tests on two section models (4, = 0. sport which 


model of the New ‘Tacoma bridge with ¢ a ‘solid deck, the critical wind velocity, 
was increased by 14 per cent by the removal of the sidewalk stringer. (In | ; 
practice a similar result was achieved by using a latticed stringer.) Motion _ 
which previously developed at B=+2%to +4° — disappeared. (4-d)* 
, Civ. Eng., and Director, Eng. eras Station, Univ. of — 


*Reference citations are from | ‘the author’s list. 
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been determined that the removal of the sidewalk stringers was decidedly i 
a! | beneficial through increasing the positive angle of attack of the wind below = £é@ cab aa | 
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February, 1959 
“ 1 Fig. 1 double amplitude in degrees of torsional motion is outs — 
angle of attack under a fixed wind velocity of 15.5/sec (76.7 mph on prototype). 
The models used in these tests were constructed in such a manner that all but 
the deck structure, ‘including the stringers and the top chord, could be re- 
moved. Fig. 1 shows that the critical angle of attack was not essentially al- 
tered on either model by removing these members. _ However, the roel 
in total air damping has steepened the angle response curves in each case. 
Quite evidently model (b) shows a gain of about three degrees in the range oe 
—_ angles of attack under which the structure was stable, 
‘Fig. 2 shows angle response curves developed with three configurations — ; 
‘wated on the full model. Curves A and C involved a solid deck with open lat- 
tice sidewalk stringers and with two values of torsional stiffness in the sus- 1 
_ pended structure. In curve B the torsional stiffness was the same as in curve | 
™! with the finally adopted pattern of deck slots.(4-4) 
_ Curves A and C represent a catastrophic response and curve Ba strongly 
restricted response in which at, by = = 0. 0486, the maximum double amplitude | 
in torsion never exceeded "Hand rails were not installed on this model, 
but all investigations into their effect has shown a strong limitation on the 
amplitude of motion. This effect is a combination of added aerodynamic _ 


_ damping plus : a beneficial change in the air flow in ‘the Vicinity of the leading — A 
‘The curve B response is confined to a narrow velocity range of 6.0 ft/sec 
to 9.5 ft/sec. . The addition of a bottom lateral system would raise the lower : 
_ critical velocity to 79.5 mph and the higher critical velocity to 125 mph.(2) _ 
The addition of the bottom lateral system plus the effect of the hand rails has 


increased the damping on the ‘suspended structure by a sub- 


_Stantial amount thus eliminating the very meager response shown in Fig. 2. - 
nee Fig 3 which shi shows the site of the Tacoma Narrows b bridge, provides an 
excellent basis for evaluating the effect of the site in modifying the | quality of | 
_ the wind which impinges on the bridge. Northerly winds crossed the bridge 
: from right to left having passed ¢ over the peninsula on th the right. The othe 
: shows that the original bridge rarely oscillated in any ‘significant amount in 
a these winds since they approached at a horizontal angle of roughly 45° and a 
* some positive or negative angle of attack. (4-a) for 
Southwesterly winds ‘approached over water without obstruction for a 
- tance of about 16 miles and impinged nearly normally on the suspended ~ biped 
_ _ Structure at zero degrees angle of attack and were relatively | free of turbu- — 
; lence. The efficiency « of southwesterly winds was very | much greater than that 
«of northerly winds. In tests on the full model of the original Tacoma Arrows: 
bridge, a a wind angled upward at 109 developed 20° of double amplitude i in tor- 


_ sion under a wind 55 p per cent aed than that required for the same a’ amplitude 1 


amin 


DOUBLE AMPLITUDE-DEGREES 


= 


| 
— 
| 
a 
| 
: 
— | 


FLOOR SYSTEM & ‘TOP CHORD ‘x 


_ COMPARED WITH “COMPLETE MODEL 
1/50 SCALE SECTION MODEL TORSION MOUNT 


= a 

034" |C.R.=0.59" ABOVE TOP OF 


MODEL 


ba 


ANGLE OF ATTACK— 


if 
- |) Zz 
er | Rr 
pof 


inn 


uary 


2 


— 
| 


— 

iim 


| — | 
— 
= 


the technical papers published in the past year are identities number below. 
an abbreviation at the end of each Paper Number, the symbols referring) to: Air 
_ Transport (AT), City Planning (CP), Construction (CO), Engineering Mechanics (EM), Highway (HW), - s i) 
draulics (HY), Irrigation and Drainage (IR), Pipeline (PL), Power (PO), Sanitary Engineering (SA), Soil 
_ Mechanics and Foundations (SM), Structural (ST), Surveying and Mapping (SU), and Waterways and Harbors ae) ae 
| (WW), divisions. Papers sponsored by the Department of Conditions of Practice are identified by the symbols my 
_ (PP). For titles and order coupons, refer to the appropriate issue of “Civil Engineering.” Beginning w'ti % vi om 
Volume 82 (January 1956) papers were published in Journals of the various Technical Divisions. To locate Re ee 
a papers inthe Journals, the symbols after the paper number are followed by a numeral designating the issue ve 
of a particular Journal in which the paper appeared, For example, Paper 1859 is identified as 1859 (HY 7) $ ih a 
which indicates that the eer in the coventh issue of the Journal of the Division 


uring 1088. 


1537(SM1), 1538(PO1), 1539(SA1), 1540(8A1), 1541(SA1), 1542(8A1), 1543(SA1), 1544(SM1), 

1546(SM1), 1547(SM1), 1548(SM1), 1549(SM1), 1550(SM1), 1551(SM1), 1652(SM1), a 
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